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Abstract 
Different traditional roof structures have been developed in various regions of Austria. 

Despite fires, wars, degeneration and demolition, a great number of these roof structures (some 
dating back as many as six hundred years) have stood the test of time. To perform a structural 
analysis, a detailed inspection of the as-built structure, incorporating geometry, joints, strength, 
support conditions and possible damages of the structure, is essential.  

The structural analysis of ancient roof structures is full of difficulties and uncertainties. 
Consider, for example the reference object, a "Grazer Dachstuhl", which demonstrates that the 
representation of the spatial load-carrying behaviour and the determination of flexibilities and 
eccentricities of joints are both time-consuming and problematic. However, both effects highly 
influence the results due to the fact, that ancient roof structures represent highly statically 
indeterminate systems. A realistic reconstruction of the load-carrying behaviour of these hybrid 
structures is only possible when the mechanical behaviour of the joints is considered. 

In general, ancient roof structures are redundant, and thereby robust, structures. As a result 
of load-redistributions, the beams and joints are able to keep up the capacity of the whole structure, 
despite of frequent and partial damage. 
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INTRODUCTION 

Recently many attics of ancient roof structures are converted to residential space. 
At the same time many roofs are in need of rehabilitation caused by poor maintenance 
and incorrect structural modifications. Because of  building standards as well as 
economical  and ecological reasons, the demolition is often out of question. In addition to 
conversions, historically valuable roof structures should be preserved for future 
generations. 

The knowledge of the mechanical behaviour of these roof structures is the basis 
for repair concepts. The representation of ’reality’ in an uncomplex as possible model, is 
a great challenge. 

At the moment, many repairs are accomplished by craftsmen, without a complete 
structural analysis. Hence the level of structural safety can hardly be quantified. In the 
case of repairs supported by an engineer analysis, the load-carrying capacity of the stock 
is often underestimated as a result of neglecting the behavior of joints and the spatial 
load-carrying behaviour. Repair measures based on such calculations are mostly 
contradictory to saving costs and preserving the historical structure. 

PROBLEMS 

The erection of ancient roof structurs was carried out by hands-on experiences, 
fine traditions and the courage of craftsmen. For this reason a lot of characteristics have to 
be considered while performing the structural analyses: 
• Ancient roof structures frequently carry the loads distinctly three-dimensional. 

Hence a simplified analysis of these structures, considering only plane parts of the 
system  (two-dimensional), is often hard to realise or completely impossible. The 
interaction of the substructures has to be taken into account. 

• The consideration of the flexibilities and eccentricities of the carpentry joints for 
the structural analysis is required according to EN 1995-1-1 (see Önorm, Önorm). 
The mechanical behaviour of the joints highly influences the distribution and 
magnitude of the internal forces. Concerning this matter, the specifications of the 
engineering standards and the literature are unsatisfactory. 

• The definition of appropriate support conditions is difficult. 
• The determination of appropriate material constants is time-consuming. 
• The dimensions of the system and beams show wide variations caused by the 

manufacturing through manual labor. 

AIM OF THIS STUDY 

In this contribution it will be shown exemplarity, how the load bearing behaviour 
of an ancient roof can be modeled as realistic as possible, so that a structural analysis is at 
least possible on a low level of safety. 
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THE “GRAZER DACHSTUHL” 

Introduction 

Single surveys (see Meisel) and interviews with an experienced carpenter have 
shown, that a lot of so–called „Grazer Dachstühle“ have been built in Graz in the 19th 
century. The roof structure of the house „Mandellstraße 9“ (Fig. 1, 2 und 3) was chosen 
as reference object for this paper. According to the archive of the city of Graz the house 
was erected in 1867 (see Land Steiermark). 

The Structural System of the “Grazer Dachstuhl” 

The structural system of the „Grazer Dachstuhl“ can be described as collar beam 
roof with braced, double upright principal frame and jamb wall. As it is explained in (see 
Meisel chapter 1.2), the description „collar beam roof“ means, that the rafters are not 
supported by the purlins (or longitudinal beams). However the typical tie member, which 
is a necessary element of every collar beam roof, does not exist in the „Grazer 
Dachstuhl“. So it represents a hybrid system consisting of a rafter and a purlin roof, 
demonstrating the transition from the rafter to the purlin roof in the 19th century. 

The principal frames of these structures have been built with braces, so almost all 
wind forces are picked by the principal frames. Finally the term „double upright“ 
indicates, that the frames are supported from two frame walls. Furthermore it is 
remarkable, that the tie-beams run parallel to the ridge (as members of the frame walls) 
and transfer the loads from the posts to the cross walls of the storey below the attic. 

 

 

Fig. 1. Typical cross-section of a principal frame. 
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Fig. 2. Left: Perspective of the spatial structure (without chimneys), Right: Floor plan. 

 

Fig. 3. Typical joint of the „Grazer Dachstuhl“. 
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Carpentry Joints 

Carpentry joints were chosen based on the intended area of application and built 
according hands-on experiences, fine traditions and the courage of the craftsmen (see 
Gerner, Görlache, Zwerger). Due to this fact and the complex orthogonal-anisotropic 
mechanical behaviour of timber, the real load bearing capacity of historical joints can 
hardly be modeled by simple mechanical models. 

Problems 

According to EN 1995-1-1 the flexibilities of the structural parts and joints as well 
as the eccentricities of the joints have to be taken into account for the computation of the 
internal forces (see Önorm 5.1 (4) and (5), Önorm B.1). The analysis in (see Meisel) have 
illustrated, that the derivation of the stiffness values, eccentricities and also design values 
of these joints according to EN 1995-1-1 (see Önorm, Önorm) is often problematic or 
even impossible. 

Additionally, the corresponding literature (for instance see Görlache, Heimeshoff ) 
covers only special types or restricted geometries of these joints without the possibility of 
general conclusions. The main challenges during the derivation of the mechanical 
behaviour of carpentry joints are the following: 
• Usually there is an interaction of connectors in carpentry joints. Relevant 

statements of the load-displacement behaviour of the whole connection can only 
be made with the knowledge of a combination coefficient that considers the 
interaction of different connection stiffnesses. 

• EN 1995-1-1 (see Önorm, Önorm) declares no rules for the determination of the 
material strengths under combined stresses. Nevertheless combined stresses (for 
instance lateral pressure or lateral tension and shear) often appear in carpentry 
joints. 

• Carpentry joints transfers compression and tensile forces principally via contact 
pressure. Frequently, high local lateral pressure stresses – and even more 
problematic – lateral tension stresses result from the geometry. Those cannot be 
determined quantitatively without complex numerical simulations, because the 
interaction of stresses, reference faces and distribution of stresses are unknown. 

• To a large extent the eccentricities, stiffness values and design values of numerous 
joints depend on the type of loading. For example, tensile forces in a skew tenon 
are only transferred by the treenail as the skew tenon itself is unable to bear tensile 
forces (geometrical non-linearity). 

The flexibilities and eccentricities of joints using the example of a  skew frontal 
tenon 

Until the beginning of the 20th Century so called skew frontal tenons (see figure 4) 
were frequently used for joints of struts to posts and purlins. In the following, a method 
for estimating the magnitude of stiffness values and eccentricities of such joints loaded in 
compression is demonstrated. 
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Fig. 4. Left: Strut, Middle: Construction of the skew frontal tenon,  
Right: Structural model. 

Structural model 

According to Deinhard, Görlache, Meisel all carpentry joints are modelled as 
flexible joints of beams. The load transfer of FV,d und FH,d is carried out at different 
contact surfaces, so that the definition of the eccentricity is an approximation. The worst 
case szenario was chosen. This assumes that there is a gap in the contact surface (2) 
between the end grain of the strut and the post respectively the purlin, and so all forces 
are transferred due to friction in the head of the tenon (1). 

The eccentricity of the strut in the wall frame and the existence of the treenail are 
not considered. 

The derivation of the spring stiffness CVB (without friction) 

 

Fig. 5. Reduced geometry and model for the derivation of the spring stiffness. 
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Assumptions 

• The load FV is only transferred in the contact surface (1), the load FH is only 
transferred in contact surface (2). There is no interaction between these forces due 
to friction, etc. 

• Both timber contact surfaces are plane, closed and stay like this during 
deformation of the structure. 

• The force FV has to be transferred into the tenon up to the centroidal axis of the 
strut. The force FH has to be transferred up to the centroidal axis of the post. 

• All eccentricities are neglected. 
• Eα,mean is calculated on the basis of ((6.16) Önorm). 

Spring stiffnesses 

Caused by gaps in the contact surfaces, it can be assumed that the spring stiffness 
is lower than estimated above. Therefore, for further calculations spring stiffness is set to 
CVB = 300 kN/cm. 

MODELLING OF THE „GRAZER DACHSTUHL“ 

Models 

In all models, the structure is represented as a beam system with perfectly straight 
longitudinal axis. Geometric and material imperfections are taken into account during the 
design with the model column method. The following different structural models of the 
roof structure of the house ’Mandellstraße 9’ are studied in RSTAB Dlubal. 

Table 1: Overview of the investigated mechanical models. 

 
Models 

3D  2D 
M1 M2 M3 M4 

Sketch 
    

 

As illustrated in Table 1, in the models M1and M2 the structure is represented by a 
spatial model. By contrast, in the models M3 and M4 the structure is decomposed to 
plane subsystems. 
• Model M1 represents the distinctive spatial load-carrying behaviour as well as the 

flexibilities and eccentricities of the joints as realistic as possible. Nonlinear 
effects like failed beams and supports as well as nonlinear springs are taken into 
account. As the superposition of load cases is therefore no longer allowed, load 
groups have to be defined according to the theory of first order. 
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• The difference between model M1 and M2 is that for M2 a linear calculation 
neglecting failed beams and supports as well as the flexibilities and eccentricities 
of the joints is performed. 

• Model M3 tries to describe the load-bearing of the structure by the use of plane 
subsystems by considering as far as possible the interaction of sybsystems. For the 
determination of the support springs, substituting the interaction of sybsystems, the 
stiffnesses of model M1 are used. The flexibilities and eccentricities of the joints 
are taken into account. 

• In model M4 all interactions of subsystems and the mechanical behaviour of joints 
are neglected. 

Global load bearing 

Around 46 % of all vertical loads of the roof structure are transferred by the frame 
walls to the masonry cross walls of the floor under the attic, 54 % are carried  by the jamb 
walls. As comparative calculations have shown, the frame walls of an analog purlin roof 
would transfer 56 % of all vertical loads. Consequently it appears that in the „Grazer 
Dachstuhl“ the loads are transferred both as a rafter roof and as a purlin roof. Thus the 
load bearing of the rafter roof involves redistributions of vertical loads from the braced, 
double upright principal frame to the jamb walls in the order of magnitude of 20 %. 

The horizontal forces of the loadbearing behaviour of the rafter roof are transferred 
through the tail-, trimmer and bedding beams to the horizontal beams. The horizontal 
beams carry the tensile loads to the frame wall plane, where they can be introduced into 
the cross walls of the floor under the attic by friction, due of the high vertical loads of the 
posts (see Fig. 6). 

 

Fig. 6. Left: Load bearing, Right: Frame wall E and filling frame 3. 

Results of the computation of the internal forces (ULS–design) 
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Table 2: Results [kN or kNm and percent] for filling frame 3. 

Models 
M1  M2  M3  M4  

Vertical supporting 
force truss wall E 16.24 100 % 16.64 102 % 14.75 91 % 21.49 132 % 

Horizontal 
supporting force 
truss wall E 

1.36 100 % 1.12 82 % 0.87 64 % 0.89 65 % 

Axial force of the 
rafter base -13.34 100 % -11.80 88 % -11.50 86 % -3.66 27 % 

1. Field moment of 
the rafter 4.75 100 % 4.70 99 % 4.75 100 % 4.64 98 % 

Min. moment of the 
rafter -5.73 100 % -5.79 101 % -5.72 100 % -5.93 103 % 

1. Field moment of 
the rafter 2.31 100 % 2.46 106 % 2.50 108 % 2.41 104 % 

 

Selected support and internal forces of filling frame three are illustrated in Table 2. 
The two-dimensional computations deviate from the results of the spatial analysis due to 
the simplifications of support conditions in the plane subsystems. As only fixed or free 
supports are used in model M4, the axial forces in the rafter base show large, deviations 
in comparison to the results of the other models. It has to be pointed out that the reaction 
forces and the internal forces in the area of the supports given by model M4 are wrong. 

All investigated models showed approximately the same bending moments (and 
lateral forces), due to the relatively low bending stiffness of the rafters. Slight deviations 
result for example from the fact, that the eccentrics of the joints in model M1 changes the 
span lengths and support conditions of the rafters. This particularly influences the internal 
forces of the 2nd rafter field. 

The direkt comparison of the results of model M1 and M2 to the results of model 
M3 und M4 is not allowed because in the latter models the loads transferred from the 
frames are applied as smeared along the purlin. Thereby in the area of the dormer, 
oversized vertical loads on the intermediate purlin are taken into account. 
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Table 3: Results [kN or kNm and percent] for the frame wall. 

Models 
M1  M2  M3  M4  

Max. moment 
intermediate purlin 15.03 100 % 10.34 69 % 27.20 181 % 17.31 115 % 

Min. moment 
intermediate purlin -17.68 100 % -13.84 78 % -20.03 113 % -19.14 108 % 

Max. axial force of the 
struts 8.52 100 % 12.42 146 % 17.16 201 % 22.84 268 % 

Min. axial force of the 
struts -46.72 100 % -78.20 167 % -54.70 117 % -73.24 157 % 

Moment of the struts 2.80 100 % - - 3.28 117 % - - 

 

Plane parts versus spatial calculation 

For the calculation of the internal forces of many filling frames, the decomposition 
to plane subsystems is possible and meaningful. However in the reference object only 
eleven uniform filling frames exist and additionally, they are not loaded equally because 
of the chimneys. The analysis as plane system is not possible for some frames (especially 
in the area of the dormer and hip). 

Exept for the influence of the dormer and hip, the load-bearing capacity of the 
frame wall can be sufficiently modeled with planar systems. For the determination of the 
load-influence area of the frame wall, the knowlegde of the magnitude of the load transfer 
achieved by the rafter-roof load-bearing of the hole structure is required in the present 
case. For this, a spatial analysis is needed in advance. That should at least include the 
basic flexibilities of the joints of the frame walls, otherwise the purlin-roof load-bearing is 
significantly overestimated. 

Results of  the utilization ratios (Model M1 versus M2) 

The utilization ratios of the joints in M1 tend to be lower as those in M2. In return, 
the overall utilization ratios of beams are lower in Model M2. That means, that due to the 
consideration of the flexibilities and eccentricities of joints, load restributions from the 
joints to the beams take place. 

The load-carrying capacity of the roof structure of the reference building can be 
plausibly represented by model M1 except for those areas that are significantly affected 
by the load transfer of the hip and dormer. The structural safety level no longer meets that 
of engineering standards. Instead of a global safety factor of approximately 2.5 as it is 
required indirectly by the standards, only a structural safety level in the area of 1.5 can be 
stated for the reference object. 
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RECOMMENDED PROCEDURE FOR THE  STRUCTURAL ANALYSIS 

Based on the findings of this work and a literature research, some 
recommendations for the structural analysis of ancient roof structures can be given for the 
daily practice. 

I. Material constants 

• As part of the first surveys of the roof structure it has to be estimated, to which 
grade (and thus strength class), the obstructed, undamaged timber can be allocated. 
This estimation is based on the visual grading criteria according to ÖNORM DIN 
4074-1 (see [15]). In most cases S10 (equivalent to C24 in accordance with [14]]) 
can be assumed as a minimum (see Görlache). 

• After the structural analysis it is investigated, whether and which joints and beams 
do not comply with the safety requirements of the standards. 

• Finally it has to be checked, if a higher timber grade for those joints and beams 
can be justified. As this detailed investigations (further information see Görlache, 
Kraft) only cover single elements of the system, time and effort reamin 
manageable. 

II. Structural dimensions and deformations 

• To perform the structural analysis, the knowledge of the geometry of the structure 
with an accuracy to decimeters is sufficient. Only in the area of eccentric 
connections of beams or load introduction points, a survey with an accuracy to 
centimeters is required. 

• Deformations of the structure are not included in the mechanical model. 
Nevertheless, it is recommended to check the verticality of posts, which transfer 
high axial forces. If the entire structure contains large deformations in one 
direction, it is recommended to estimate the deviatoric forces and transfer them via 
additional bracing to the supports. 

III. Supports 

• Typically ancient roof structures are not connected for tensile forces to the 
masonry walls. Instead of that, they rest without anchoring (see [6], [9], [10]). 
Horizontal forces are usually transfered by friction. 

• If the definition of correct support conditions is extremely uncertain, different 
extreme values shall be considered in the structural analysis (see [6]). 

IV. Cross section values 

• The measured values of the cross-sectional properties are rounded mathematically 
to centimeters. 

• Wanes have to be considered according to the grade or a reduced cross section is 
taken into account. 
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• The average values of the cross-section of a cross-section category (for instance 
rafters) has to be determined for the calculation of the internal forces (see Önorm). 

• The characteristic values of the cross-sectional properties of a cross-section 
category (for instance rafters) have to be determined for the design (see Önorm). 
After the structural analysis it can be investigated, if beams with a high utilisation 
ratio have larger cross-sections than used in the structural analysis. 

• Beams whose cross-sections decrease in longitudinal direction, can be represented 
by a piecewise constant cross-section in every field. For the design in the area of 
middle supports the existing cross-section at this point has to be used. (see Meisel) 

V. Joints 

• The internal forces and therefore the stresses and strains in ancient timber 
structures depend to a large extent on the consideration of the flexibilities and 
eccentricities of the joints. 

• For simple carpentry joints like the frontal offset, numerical simulations have 
shown that the representation with an eccentric to the middle of the contact surface 
delivers good results (see Kirchler). 

• The flexibilities and eccentricities of most carpentry joints are neither covered by 
standards (Eurocode 5 see Önorm, Önorm) nor discussed in literature satisfactory. 

VI. Modelling und computation of the internal forces 

• If, as a result of the survey, a pronounced spatial structural behaviour is estimated, 
at first a simplified spatial model neglecting the flexibilities and eccentricities of 
joints should be established at first. This model provides the basis for the 
knowledge of the fundamental effects of global load transfer and the size of load-
influence areas. 

• Based on the findings of the simplified spatial model, a decomposition into plane 
subsystems can be undertaken. Because of the existence of mostly statically 
indeterminate systems, the interactions between the subsystems have to be 
considered. The boundary conditions of the supports and the eccentricities and 
flexibilities of the joints have to be taken into account in a second step. However, 
the decomposition into plane systems is not possible in all cases (see Meisel). 

• Structural changes can be executed in all cases in the context of repairs and 
structural strengthenings. Particularly in the area of arris and valleys the possibility 
to add braces exists which may lead to an easier calculation. 

VII. Design 

• If available, the design is based on the internal forces of the two-dimensional 
computations. 

• The design values of the strength of most carpentry joints are currently neither 
defined in standards nor satisfactorily addressed in the literature. 
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SUMMARY 

Up to the 19th century most roof structures were erected on the basis of hands-on 
experiences, fine traditions and the courage of the craftsmen and not according to a 
structural analysis. As illustrated in the literature (see Deinhard, Görlache, Kirchler, 
Meisel) and exemplarily shown in this papaer the simulation of a realistic load bearing 
behaviour is difficult and time-consuming. In practice mainly hybrid structures exist that 
carry the loads simulaneousely with purlin and rafter roof. The computed internal forces 
depend on the simplifications used for modelling of the structure to a large extent, but the 
real load bearing behaviour will remain unknown. 

The most realistic picture of the load bearing behaviour of many ancient hybrid 
roof structures is revealed by a three-dimensional structural analysis using nonlinear 
supports (for instance the missing tensile anchors) as well as the deformation 
characteristics and eccentricities of the carpentry joints. The analysis of highly statically 
indeterminate systems lacking the mechanical behaviour of joints leads to inappropriate 
distributions of stresses in beams and joints, as shown in this work and the literature (see 
Görlache, Kirchler). Redistributions of the internal loads are only possible if the 
flexibilities and eccentricities of the joints are taken into account. Thus the load-carrying 
capacity of numerous historical roof structures can be simulated in accordance to surveys, 
al-though mostly the required level of structural safety cannot be achieved. In general, 
ancient roofs are not over-dimensioned in terms of current standards (see Deinhard, 
Görlache, Meisel). The utilisation rates of the carpentry joints tend to be higher than the 
one of the beams. Due to the fact that carpentry joints transfer loads mainly by contact, 
stresses perpendicular to the grain result, which lead to a ductile behaviour, because of the 
mechanical properties of timber. 

As pointed out, ancient roof structures are mainly redundant and therefore robust 
structures. As a result of load-redistributions and despite of frequent and partial damage, 
the beams and joints are able to keep up the capacity of the whole structure for a long 
time. 
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Abstract 
The erection of ancient roof structures was based on the experience, tradition and the 

courage of their constructors instead of a structural analysis. A realistic model requires the 
consideration of the spatial load-bearing behaviour, as well as the flexibilities and the eccentricities 
of carpentry joints. However, the utilization ratios of roof structures yield high values, so no 
meaningful statement about the load-bearing capacity of these structures can be made. By using the 
"Grazer Dachstuhl" as an example, changes of the utilization ratios as a consequence resulting from 
the consideration of the capacity of the roof battens are pointed out. In the beginning, some 
theoretical background on the load-bearing capacity of roof battens is presented. This is followed by 
a report of some structural tests and the documentation of a model calculation. 

Based on the findings of the analysis of ancient roof structures, a protecting repair-concept 
using wood-based panels will be developed. This integral structure comprises the improvement of 
the rafter roof, a strengthening of the rafters themselves and their bases and an in plane-bracing of 
the roof. Additionally, this concept is characterised by economical, constructural and building-
physical advantages. 

Keywords:   Realistic Modelling, Ancient Timber Roof Structure, Roof Batten/Roofing 
Lath, Shear Stiffness in the Roof Surface Area, Repair, Wood-Based Panel 
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INTRODUCTION 

In the context of a structural analysis, the mechanical behaviour of an existing 
structure is represented by a simplified structural model. In some cases these 
computations result in extremely high utilization ratios (see [1] Meisel Andreas, 
Moosbrugger Thomas, Schickhofer Gerhard:, Görlache, Meisel), so that no meaningful 
statement about the load-bearing capacity of these structures is possible. The fact that, 
although calculated utilization ratios are high, joints, beams or structural elements did not 
fail, can be justified as follows: 

The local material strengths are higher. 
• The calculated loads did not occur during the existence of the building. 
• The safety level does not meet the current requirements of the standards 
• The analytic model and the design concept is unable to represent the real structural 

behaviour 
As illustrated in Meisel, the beams and joints in the influence area of the dormer 

and the hip area yield very high utilization ratios in the „Grazer Dachstuhl“ (see [1]
 Meisel Andreas, Moosbrugger Thomas, Schickhofer Gerhard:) of the real estate 
Mandellstraße 9 (see Fig. 1. Spatial illustration of the dormer and the entire structure (see 
). The calculated capacity of rafter #12’ is exceeded by the factor of 5 in the area of its 
cantilever which supports the valley rafters of the dormer. This paper deals with changes 
of the utilization ratios of rafter #12’, due to taking into account the load-bearing capacity 
of the roofing lath. 

 

Fig. 1. Spatial illustration of the dormer and the entire structure (see Meisel). 

Numerous surveys of ancient roof structures showed, that the load-bearing 
capacity of roof battens significantly influences the global load distribution. For instance, 
the global bracing disregarding the roof battens is often inadequate to non-existent (see 
Meisel, [6] Ostendorf,). 
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TYPES OF LOAD-BEARING BEHAVIOUR 

The load-bearing behaviour can be divided in load-bearing behaviour due to 
loading in the XL–YL–plane and perpendicular to the XL–YL–plane. 

 

Fig. 2. Types of load-bearing behaviour, Left: loading in the XL–YL–plane,  
Right: loading perpendicular to the XL–YL–plane. 

 

Fig. 3. System of rafters and roof battens (not according to scale). 

Load-bearing behaviour due to loading in the XL–YL–plane 

Longitudinal bearing behaviour (in XL-direction) 

Valley and hip rafters, together with the jack rafters and roof battens form many 
triangles in the roof surface area. As a result of deformations in the roof surface area 
axial forces are evoked in these triangles, that depend on the axial stiffness of the battens, 
the stiffness of the nail joints between battens and rafters and the roof lathing rids. 

Furthermore, the roof battens support oppositely placed hip rafters in hip areas for 
instance. The longitudinal capacity of the rafters is also important for the spatial bracing 
of the rafters perpendicular to the frame plane. 
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Shear bearing behaviour 

Distortions of the roof surfaces result from deformations perpendicular to the 
frame plane. These distortions cause changing angles between rafters and roof battens, 
whereby small equivalent torsion spring stiffnesses in the nodes can arise (flexible 
vierendeel girder system). 

Furthermore, the spatial stability of numerous ancient rafter and collar beam roofs 
is only possible due to the shear bearing capacity and the longitudinal bearing capacity of 
the roofing lath (see for example Meisel, [6] Ostendorf,). 

In the case of relative deformations of adjacent rafters in the roof surface, the 
bending stiffness of numerous, flexibly joined roof battens is raised (system effect in the 
roof surface). 

Load-bearing behaviour due to loading perpendicular to the XL–YL–plane 

In case of differential deformations of adjacent rafters, load restributions due to 
bending can be enabled by the roof battens (system effect). See Fig. 4. Structural system 
and assumptions for the model calculation. and Fig. 5. Load redistribution (Changes in 
the reaction force F. 

 

Fig. 4. Structural system and assumptions for the model calculation. 
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Fig. 5. Load redistribution (Changes in the reaction force F3 = load of the rafter) and 
bending moment of the roof batten for different q per batten (example for u3 = 6 mm 

and q = 0,15 kN/m in red). 

DETERMINATION OF THE SHEAR STIFFNESS IN THE ROOF 
SURFACE AREA BY TESTS 

Currently the calculation of the shear stiffness in the roof surface area seems to be 
nearly impossible, therefore several tests were performed. As 39 nodes were 
simultaneously tested in this case, at least fundamental findings may be gained. 

Friction forces between the roof tiles appears to be statically not useable, because 
the magnitude of these forces depends on further effects such as roughness as well as 
geometric influences. Therefore no roof tiles have been applied in the tests. 

Construction at the building site 

In many cases the roof battens of ancient roofs tiled with plain tiles are 30/50 mm in 
cross-section at a distance of 150 mm. In accordance with investigations on ancient roof 
structures Meisel only one nail per roof batten-rafter-node exists. In former times forged 
nails were used (see Fig. 6. Test configuration including node details and a typical forged 

nail. 

). Due to the fact that the roof battens are often less durable than the timber of the 
roof structure, today the battens are mostly fixed with wire nails instead of forged nails. 

 

Fig. 6. Test configuration including node details and a typical forged nail. 
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Test configurations 

A rafter-roof batten-field, consisting of 13 battens on three rafters was assembled on the 
floor (see Fig. 6. Test configuration including node details and a typical forged nail. 

 and Fig. 7. Sketch of the test configuration in top view.). The shear distortion of 
this shear field was applied by a hydraulic jack. The maximum displacement u of the field 
was set to 100 mm. The lateral forces were uniformly transferred into the rafters by a 
roller-supported load transfer beam. Two Teflon disks were placed in between the rafters 
and the load transfer beam or the anchor beam in order to reduce the frictional resistance 
in the rotation center. 

A total of four test configurations was tested: 
1. Two wire nails (3.1/80) for each roof batten-rafter-joint at a distance of 8 cm 
2. One forged nail (dimension comparable with the wire nail) for each roof batten-

rafter-joint 
3. One wire nail (3.1/80) for each roof batten-rafter-joint 
4. No connection between battens and rafters in order to investigate unintentional 

frictional resistances in the steel pin joints. 

 

Fig. 7. Sketch of the test configuration in top view. 

Test results 

Fig. 8. Moment-rotation-diagram for all test configurations and illustration of the 
calculation values of the equivalent to illustrates the results of the four tests. In each case 
multiple hystereses were passed through, in order to simulate varying stresses and stress 
directions and their effects. It can be assumed that in ancient roof structures at least the 
first hysteresis was passed through completely. Therefore, the diagram always illustrates 
the second hysteresis. All other hystereses differ only insignificantly from these. 
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Fig. 8. Moment-rotation-diagram for all test configurations and illustration of the 
calculation values of the equivalent torsion spring stiffness. 

For configuration 1 (two wire nails at a distances of 8 cm) the approximation by a 
linear-elastic moment-rotation-trend seems to be suitable for the engineering practice. 

The results of both configurations with only one nail show a significantly different 
behaviour. Starting from a rotation ϕ of about 0.5°, no considerably higher forces can be 
transferred (plastic behaviour). The transfer of the moments is mainly carried out by 
sliding friction. The maximum moments are in the range of 10 % compared to 
configuration 1. 

The maximum achieved moments for the joint with one wire nail are about 15 % 
lower than for a forged nail. Two reasons for this may be the lower pull-out resistance 
(and therefore contact pressure) and the lower shaft friction of the wire nails. 

The test without connectors between roof battens and rafters (configuration 4) 
demonstrates that the undesired frictional resistances in steel pin joints have only 
insignificant effects on the test results with nails. 

Calculated value of the equivalent torsion spring stiffness 

Due to the following facts, it is problematic to define a calculated value of the 
equivalent torsion spring stiffness: 
• Only few test results are available. 
• High variations are expected. 
• High shear distortions of the roof surfaces up to 3° were found in ancient roof 

structures (see example in "Introduction"). 
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• Besides plain shear behaviour, an additional bending behaviour of the roof battens 
could be observed in the test. This fact leads to a falsification of the calculated 
torsional moments. 
Because of these facts, the calculated value of equivalent torsion spring stiffness is 

defined as a secant modulus for joints with two nails at a distances of 8 cm and a 
maximum displacement of 3° as follows: 

Without considering friction, the value of the equivalent torsion spring stiffness 
can be calculated for two nails: 

The flexibility of one wire nail due to shear is calculated according to EN 1995-1-
1 Önorm: 

The test configurations were modelled to gain test results independent from the 
bending stiffness of the battens. It was found that the bending stiffness of battens is only 
important in tests with two nails per joint. Therefore the calculated value of the equivalent 
torsion spring stiffness is approximately 2500 Nm/rad (see Fig. 8. Moment-rotation-
diagram for all test configurations and illustration of the calculation values of the 
equivalent to). 

The design value of the equivalent torsion spring stiffness for joints with only one 
nail is defined with approximately 10 % of the stiffness for joints with two nails (250 
Nm/rad). Due to the small differences between forged and wire nails, the same value is 
used for both. The calculation values for one or two nails provide conservative results for 
rotations less than 3° (corresponding to a displacement/inclination of L/19). 

SPATIAL MODEL OF A ROOF STRUCTURE WITH DORMER 

In the spatial structural model (including the consideration of the flexibilities and 
eccentricities of joints) of the "Grazer Dachstuhl" of Mandellstraße 9 all roof battens in 
the area of the dormer and the adjacent ridge roof surface are implemented as mentioned 
in the introduction (see Fig. 1. Spatial illustration of the dormer and the entire structure 
(see ). The flexibilities of nail joints in direction of the roof battens and rafters are taken 
into account according to Fig. 9. Modelling of the roof batten-rafter-joint connection.. 
The shear stiffness of batten-rafter-joints is considered as mentioned above. The slip 
modulus Kser of a wire nail is included in accordance with EN 1995-1-1 Önorm. 

 

Fig. 9. Modelling of the roof batten-rafter-joint connection. 
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Table 1: Degrees of freedom and spring stiffnesses of the excentric-end. 

deformations in direction of axis rotations around axis 
ux’ uy’ uz’ jT jy’ jz’ 
rigid Kser, Ku Kser, Ku Cs flexible flexible 

 

Results of the implementation 

The effects of the consideration of the roof battens on internal forces and 
utilization ratios of rafter #12’ are investigated exemplarily (see Fig. 1. Spatial illustration 
of the dormer and the entire structure (see ). By approximation all roof battens in the area 
of the dormer and the adjacent ridge roof surface are implemented into the spatial 
structural model M1 (details see [1] Meisel Andreas, Moosbrugger Thomas, Schickhofer 
Gerhard:, Meisel). The input- and computational effort increases considerably. In this first 
approximation are neglected the rides of the roof battens. 

As demonstrated in Table 2: Design values of the internal forces and controlling 
net section design (according to EN 1995-1-1 Error! Reference source not found., 
utilization ratios decrease significantly in models considering the capacity of the roof 
battens. The determination of the buckling lenght (for buckling out of the roof surface) is 
not specified for the rafter, that is elastically supported by the battens (* see Table 2: 
Design values of the internal forces and controlling net section design (according to EN 
1995-1-1 Error! Reference source not found.). This results in conservative axial design 
forces. Taking into account the shear stiffness in the roof surface for one nail shows 
hardly influences the results of the present example (Table 2: Design values of the 
internal forces and controlling net section design (according to EN 1995-1-1 Error! 
Reference source not found.). 
Table 2: Design values of the internal forces and controlling net section design (according 
to EN 1995-1-1 Error! Reference source not found.) for rafter #12’ (Cross section: 
15/15 cm with tenon hole 5/5 cm, C24, kmod = 0.90). 

 
Model 

My,max Mz,max Nmax Buckling length Utilization ratios 

[kNm] [kNm] [kN] Lk,y [m] Lk,z [m] Bending Stability [-] 
M1 (Meisel page 
336), 
without roofing lath 

-29.39  0.57 -53.85 6.10 3.10 4.20 5.35 100 % 

with roofing lath, 
without CS 

-19.48 2.54 -37.74 6.10* 0 2.94 3.75 70 % 

with roofing lath, 
CS for one nail -19.23 2.53 -37.51 6.10* 0 2.91 3.71 69 % 

with roofing lath, 
CS for two nails -13.10 2.26 -31.28 6.10* 0 2.02 2.69 50 % 

 

Furthermore by taking into account the roof battens deformations are decreased. 
Under quasi-permanent loading, the cantilever of rafter #12’ deforms 140 mm in model 
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M1 without battens (see Fig. 1. Spatial illustration of the dormer and the entire structure 
(see ). In the model with battens, under the same loading deformation is calculated to only 
95 mm and to 94 mm without and with equivalent torsion spring stiffness respectively. 
This represents a decrease of 33 %. These results coincide very well with the 
measurements in situ (approximately 90 mm). 

Due to the participation of roof battens in the global load transfer, their design 
stresses exceed the design values of strength. The computed stresses are in a range, where 
the capacity can be explained by a reduction of the level of safety. 

REPAIR OF ANCIENT ROOF STRUCTURES WITH WOOD-BASED 
PANELS 

INTRODUCTION 

The main structural vulnerabilities of the „Grazer Dachstuhl“ (see Fig. 10. 
Illustration of the main ) are: 
• The load-bearing capacity in hip- and valley areas does not meet the safety level of 

the current requirements of the standards (see Table 2: Design values of the 
internal forces and controlling net section design (according to EN 1995-1-1 
Error! Reference source not found.) 

• The bracing is inadequate 
• The rafter bases are often inadequately designed and additionally weakend due to 

wood-destroying fungi and insects 
• Especially in the case of additional loads (due to a loft conversion) the frame walls 

have to be reloaded 
Therefore a repair concept that can solve all mentioned vulnerabilities without the 

usage of time-consuming reinforcements of single joints and beams should be developed. 

 

Fig. 10. Illustration of the main vulnerabilities (example see [1] Meisel Andreas, 
Moosbrugger Thomas, Schickhofer Gerhard:). 
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BASIC CONCEPT 

 

Fig. 11. Basic concept of the repair with wood-based panels. 

Existing structure 

At first a systematic survey, damage analysis and state-of-construction analysis is 
performed for an existing roof (see [1] Meisel Andreas, Moosbrugger Thomas, 
Schickhofer Gerhard: and Meisel). At the beginning of the repair, the attic is cleared from 
all built-ins, claddings, etc. Then the timber is cleaned and the roof tiles and roof battens 
are removed. 

Repair 

Subsequently, three layered panels or cross laminated timber panels (or other 
wood-based panels depending on their suitability) are applied and fixed. Their strong 
direction runs parallel to the rafters. Both legs of the formed triangle are connected with 
tension members (from existing tie-beams or new steel ties) in the level of the top floor to 
a rafter roof. 

Depending on structural requirements and the condition of the old structure it can 
be used to variable degrees for the load transfer. The simplest option is to use the existing 
structure as a collar beam to support the new structure. Furthermore, a flexible compound 
consisting of the old rafters and the wood-based panels can be manufactured for example 
by means of self-tapping screws. Simultaneously, the wood-based panels are used as a 
bracing of the structure and as a load distributor for the rafters. Thus an integral structure 
is at hand, many different tasks will be performed by the element “wood-based panel“. 

As explained in Meisel, the rafter bases are the most common weak points in 
ancient roof structures. These areas will be strenghtend simultaneously due to the wood-
based panels. The often poor longitudinal bracing is also improved by wood-based panels 
(racking resistance). Therfore, no work- and cost-intensive strengthenings of individual 
beams and joints are needed. 
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APPLICATION AREAS 

The repair of ancient roof structures using wood-based panels on rafters is suitable 
for both, valuable ("monuments") as well as ordinary roof structures. The concept is ideal 
for slightly deformed, steep roofs on geometrically simple ground plans and few fixtures 
such as chimneys, etc. The majority of roofs erected in the period of promoterism meet 
these requirements. 

Unique interiors can be developed with the illustrated repair concept. Their 
character is primarily determined by the numerous ancient timber elements. Small rooms, 
such as bathrooms, should be placed as an independent "box" in the loft, in order to avoid 
complex connections to the exisiting structure. 

ADVANTAGES 

General 

• Short construction time, already under construction soon raintight 
• Little or no time-consuming reinforcements of single joints or beams 
• Favorable fire behaviour (depending on the wood-based panel) 
• The ancient structure remains largely intact and visible. 
• Robust and controlable construction (possibilities for load redistributions) 
• The wood-based panel forms an underlay – this balances the temperature as well 

as the effects of moisture 

Additional advantages in case of a conversion 

• Unique appearance of the interior 
• No complicated adjustment of the interior cladding needed 
• relatively high thermal mass - high wood mass 
• Insulation above the rafters guarantees economical and building-physical 

advantages and maximizes the interior cubature 
• Simple and little error-prone construction of the roof because of relatively few 

layers 

DISADVANTAGES 

• Only suitable for simple geometries and slightly deformed roofs 
• Roof covering needs to be removed in advance 
• Heavy cranes are required because of the size and weight of the wood-based 

panels 
• Slight rise of the roof surface 
• Probably costl-intensive tailor-made solutions to preserve cornice and eaves edges 
• Installation problems if the planned and actual geometry differ essentially 
• For further information concerning problems, construction details and so on please 

see Meisel. 
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SUMMARY AND CONCLUSION 

The proportion of the load-bearing capacity of the roofing lath from the global load 
transfer of roof structures 

Especially in valley, hip and dormer areas and for the bracing in the roof surface, 
the roof battens can significantly influence the global load-bearing behaviour. The load-
bearing capacity especially results from the axial stiffness of the roof battens. The valley 
rafters together with the jack rafters and roof battens form triangles in the roof surface 
area. Facing hip rafters support each other. 

Shear stiffness in the roof surface area can also be relevant for the bracing of the 
structure. If the shear stiffness is considered in the structural model, there should be at 
least two nails available per joint. Including the equivalent torison spring stiffness of a 
joint with only one nail does not significantly effect the global load-bearing behaviour. In 
the case of serious, but locally limited damages, the load-bearing capacity of the whole 
structure can be illustrated with the system effect of the roof battens. 

Although it is now possible to take into consideration the load-bearing capacity of 
the roofing lath, the structural analysis of ancient timber structures is still full of 
uncertainties. Especially the magnitude of flexibilities and excentricities of the carpentry 
joints is hardly investigated. Additionally timber possesses a distinctive creep behaviour 
depending on the level of moisture and quasi-permanent loads. In many European ancient 
roof structures green timber was installed and most carpentry joints transfer the forces via 
contact pressure perpendicular or at an angle to the grain. Therefore, the creep behaviour 
of timber will highly influence the final internal forces. 

Repair with wood-based panels 

The proposed repair concept is a robust alternative to conventional individual 
reinforcements (mostly carpentrys). It can be assumed that the repair of geometrically 
simple roofs with wood-based panels meets the economical requirements. The 
construction times are short, the level of prefabrication is relatively high and multiple 
typical vulnerabilities of ancient roof structures can be strengthened simultaneousely in 
one step. On the one hand the rafter bases are reinforced and on the other hand the 
bending stiffness and the bending capacity of the rafters is increased. The proportion of 
the rafter roof load-bearing on the global load transfer increases, with the consequence, 
that existing principal frames are unloaded. Wood-based panels are particularly 
advantageous in the area of ridges and valleys: Due to the high shear stiffness of the 
plates, all roof edges are semi-rigidly fixed. The interlock between the wood-based panels 
and the deformed rafters can be achieved labor-savingly by fixation of the components 
with screws. 

Hopefully the described repair concept will be put into practice soon. Therefore, 
methods have to be developed in order to calculate such structures as simple and safety as 
possible. 
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Abstract 
The bridge network of Indian Railways comprise of a large number of masonry arch bridges 

built of stone and brick, a significant number of which are more than 100 years old. The traffic 
intensities and the loads that these structures are now subjected to are significantly higher than those 
that they were designed for. A robust identification and assessment procedure is therefore critical to 
enable critical decision making by the railway authorities regarding the state and replacement of the 
infrastructure. A comprehensive monitoring of a 75 year old heritage stone masonry arch was 
undertaken and the responses measured were used along with a generated finite element model for 
structural system identification followed by a finite element model updation to estimate the 
properties and associated degradation of the materials forming the masonry. The condition of the 
structure was then estimated to be satisfactory as the converged parameters were well within the 
expected ranges for the materials in question. As the cost of monitoring is just a fraction of the 
replacement cost of the system, this process shows promise of being able to be used to validate the 
existing infrastructure of stone masonry arch bridges and optimising their replacement. 

Keywords: SHM, Condition Assessment, Arch Bridge, Masonry, Parameter Estimation, 
Load Rating 
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INTRODUCTION 

Masonry arch bridges are perhaps the most common type of bridge structures 
constructed around the world in the 19th and the early part of the 20th century. India also 
has many masonry arch bridges, built of either stone or brick masonry with lime or lean 
cement mortar, on its rail and road networks. Since these bridges were built close to a 
century ago, and are today subjected to loads that are far in excess of what they may have 
been designed for, it is imperative to assess the current condition and future load carrying 
capacity of such bridges. Most of these bridges are heritage structures, and if any 
retrofitting is required it needs to be done while keeping in mind the heritage of the 
bridge. 

In this paper, structural health assessment of an actual railway bridge is presented, 
where a combination of site measurements and a numerical analysis is used to assess the 
current condition. The experimental phase of the project involved monitoring the 
displacements and strain at various locations in a span under a design train and actual 
traffic conditions. The numerical phase involved creating a finite element model and 
estimating the material properties in the model that ensure convergence between the 
experimental and numerical response values. The postulation in this paper is that the 
current condition of the bridge can be assessed by comparing these estimated material 
properties against expected values of the properties. 

This bridge is proposed to be monitored over four cycles spread out over a year to 
ascertain that the responses measured are consistent. Any significant change in these 
responses would indicate change in the structural condition as postulated. In this paper, 
the data from only the first cycle is presented. 

Background of Modelling 

The problem of creating a realistic model of a masonry arch has been attempted by 
several researchers. There have been a large number of modelling ideologies chosen by 
these. Fanning and Boothby [1] modelled a bridge using a smeared model and taking the 
SOLID65 element in ANSYS v5.5. They recommended a smeared modulus of elasticity 
of 5 – 15 GPa for stone masonry using cut stones with thin joints. The fill was modelled 
as a Drucker Prager material having a frictional contact with the underlying stone 
masonry by giving appropriate values of frictional coefficients in the normal and 
tangential directions. A reasonably good convergence between the simulated results and 
the recorded data was seen. Crisfield [2] modelled the stone masonry arch as a two 
dimensional element having a unit width using a plane stress approach for the masonry 
and a plane strain approach for the fill. The fill-masonry interface was assumed to be a 
free slip interface. The fill in this approach was modelled as having a Mohr-Coulumb 
yield criterion. The modulus of elasticity of the fill was taken as 40 MPa. The modulus of 
elasticity of the masonry, was taken as first the stone value of 14.1 GPa and then again as 
a value 1/3rd of this to account for the stone-masonry combined behaviour. A better 
correspondence with experimental data was obtained by taking the higher modulus for 
masonry. Both the approaches depicted assume a smeared model, where the stone-
masonry is modelled as a single material rather than differently. 
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Ford, et. al [3] modelled the masonry as a series of elements having a plane strain 
formulation connected at pre-determined points which were regularly introduced. These 
connections were modelled as a set of springs, which have a tension cut-off, in the sense 
that there is a limiting tensile strength after which separation would occur. The fill was 
modelled as a linear elastic material which is connected by a set of springs having a 
similar tensile cut-off, but with a different limiting tensile value. On checking the model, 
it was found that the fill was limiting the hinge formation expected. This was then dealt 
with by reducing the value of the fill modulus rather than creating an elasto-plastic model 
due to considerations of numerical costs. The interface was also modelled using a set of 
shear panel elements with a high modulus of elasticity to ensure that sliding does not 
occur within the voussoirs. The shear panel is a special type of element that uses the idea 
that shear effects can be represented using a uniform shear flow and nodal forces in the 
direction of the diagonals. 

Material modelling background 

The material modeling has an extremely important role to play in the numerical 
representation of masonry. Masonry is known to be a brittle material and hence 
homogenous representation of masonry would be inappropriate. Jiang and Esaki [4] gave 
a constitutive model of the mortar by substituting it with springs and contact elements 
having a stiffness of 7.64 GPa/m. This value was used by Toth et al [5] in computing the 
response of a multi span arch. Opinions differ on what the E value of fill should be among 
different researchers. Fanning and Boothby [1] consider this value in the range of 15 GPa, 
while as per Toth et al [5] the UIC code estimates dense sand to be about 200 MPa, loose 
sand to be 20 MPa, medium clay to be 10 MPa and soft clay to be 1 MPa. Typically, the 
E value of dense fill is therefore somewhere between 200 MPa to 20 MPa depending 
upon its compaction and composition. If the fill composition is low grade cement/lime 
concrete, the E value would be higher. The E value of fine grained sandstone is taken by 
Lukaszewski [6] to be in the range of 14.2 – 19.4 GPa.  

MODELING STRATEGY AND PROBLEM DEFINITION 

Description of the bridge 

The bridge is a four-span stone masonry arch bridge as is shown in figure 1. The 
bridge was constructed in 1934. The stone used is a locally procured fine-grained 
sandstone with cement mortar. The fill was found to be a silty-sandy fill which is very 
well compacted. The arch does not exhibit any problems of drainage or local masonry 
degradation. The stone masonry is formed using reasonably thin joints of approximate 1 
cm thickness. The visual inspection of the arch shows a good overall condition of the 
structure. 

Numerical Model 

Long Gauge length Electrical Resistance strain gauges were used for recording the 
strain data. These were having a gauge length of 120 mm and resistance of 120Ω. 
Displacement was measured using Conductive Plastic Linear Potentiometer of Travel 
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50mm having resistance of 5KΩ. The data was recorded using a data acquisition system 
called MGC Plus from HBM (Hottinger Baldwing Messtechnik).  The data acquisition 
system had several conditioning modules for acquisition of data viz. AP815i for thirty 
two channels of strain, AP836 for eight channels of deflection, AP418i for eight channels 
of vibration and AP809 for eight channels of temperature. In this paper, the data recorded 
from the strain gauges and displacement transducers have been used for analysis. The 
data was recorded for several events. These were entire train runs at varying speeds over 
the bridge. The data was sampled at 200 Hz, was cleaned and processed and then 
compared. The pattern of data gave very close results through the width of the arch. The 
Upstream and Downstream results are shown in Figure 2 for comparison. 

Since the response parameters showed that there was not much variation of the 
values across the width of the arch, it was concluded that the arch could be modelled as a 
plane strain element without significant loss of accuracy. 

 

Figure 1. Image of the arch showing the monitored span 

In the present model, the individual stones have been taken as per the site 
measured values. The mortar joints have been taken again as measured from site. So the 
deviation from the geometry modeling ideology of Ford, et al. [3] is that the planes of 
weakness are as per exact site measurements. The choice of the element formulation of 
the stone is a plane strain formulation. The mortar is modeled as a set of non-linear 
springs having no tensile strength. The shear panels have been introduced with a modulus 
of elasticity equal to that of the stone masonry. These have been introduced to control the 
sliding capacity of the blocks. The fill has been modeled as having a Drucker Prager 
failure criterion. The fill masonry interface has been modeled by using a series of contact 
elements with a frictional resistance. Historically arches of this type constructed used to 
have the space between the haunches filled with a low grade concrete. The spaces 
between the haunches have thus been modeled to have a higher modulus of elasticity than 
the rest of the fill.  



CSHM-3; 11-13 August 2010, Ottawa-Gatineau, CANADA P a g e  | 513 

Banerji, “Structural Health Monitoring and Condition Assessment of a Heritage Stone 
Masonry Arch Railway Bridge”, 5/10 

  
(a) (b) 

  
(c) (d) 

Figure 2. Comparison of response values across the width of the arch 

The model has been created using the software ANSYS v5.5 [7]. The element 
chosen for modeling the stone voussoir and the fill is the PLANE42 element with the sub-
choice of plane strain formulation. The mortar is modeled using the elements CONTA178 
to model the springs and the element SHELL28 to model the shear panels. In the 
formulation of the shear panel element, only the shear stresses are resisted. The direct 
stresses occurring are not resisted by this element. This element has four nodes with 
translational degrees of freedom at all the nodes. No rotational degrees of freedom exist at 
any of the nodes. A value of the ultimate shear stress is imposed on this element. When 
the shear stress exceeds this value, the element is deemed to have failed. For the present 
analysis, a shear stress ultimate value of 1 MPa has been taken. The model has been 
solved using the standard solver and the convergence criteria have been taken as the force 
criteria with a convergence norm of .001. The solution uses non-linear effects and large 
deflections. Typically the load is incremented in a minimal number of 10 load steps. As 
the system gave problems of non-convergence within the default number of iterations, the 
maximum number of iterations was raised from the default 26 to 100. On completion of 
any iteration, the stiffness matrix was updated for the geometry, stress stiffening and out 
of balance forces. The solution is deemed to having converged when the out of balance 
forces are less than a ratio of 0.001 of the applied forces, i.e. 0.1% of the applied forces. 

Typically a degradation of the arch would be signified by a degradation of the 
modulus of elasticity of the material properties. For this problem therefore, the mortar E 
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value, the fill E value corresponding to the backfill and the haunch fill and the E value of 
the stone voussoirs were taken as a variable. The E value of the mortar is indirectly 
estimated by modifying the contact spring stiffness. The runs were iterated to give the 
best estimate of these properties along with the contact stiffness, which would signify the 
degradation. A fit was deemed to have been made, when the numerical response for the 
set of known loads run, corresponded well with the site recorded data. A list of the final 
material properties considered is given in Table 1. The final finite element model is 
shown as figure 3. 

Table 1: Material Properties taken for modelling 

 Voussoir Fill Fill 
(Haunch) 

Contact 
(voussoir) 

Shear 
Panel 

 E  14 GPa 112 MPa 1.18 GPa - 14 GPa 
Poisson’s ratio* 0.19 0.19 0.19 - 0.19 
Density 2200 1800 2200 - - 

Contact stiffness - -  10.82 
GPa/m - 

Tensile stiffness - -  0 - 
Ultimate Shear Stress - -  - 1 Mpa 

 

 

Fig: 3. Finite element representation of the arch 

ANALYSIS RESULTS 

Since the model is a fairly complex model needing a significant amount of 
computation time, the entire train was not run on the bridge. However, the two 
locomotives comprising twelve axles and eight wagons comprising 32 axles were run. It 
is expected that the pattern of results generated from this case would be repeated through 
the entire load run. This set of loads was moved with an incremental time of .005 seconds 
to correspond with the measured sampling rate. The entire bridge of 4 spans was cleared 
with these loads. The self weight was activated in the first few load steps, and then kept 
constant through the rest of the run. The results generated thus comprised the self weight 
loads and the train loads. The self weight response was then subtracted from these results 
to give the response for comparison with the site measured data. 
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Results at Crown 

At the crown, the response quantities monitored were the vertical displacement at 
the crown and the longitudinal strain along the barrel on the stone. These were found to 
be giving excellent comparisons with the site data measured. The graphs of these are 
shown in figure 4. 

  
(a) (b) 

Figure 4. Comparison of response at Crown of Arch 

Results at Pier Springing Point 

At the pier springing point, the responses monitored were the lateral displacement 
of the arch and the longitudinal strain at the barrel. These were found to be in excellent 
concurrence with the measured site data as shown in Figure 5. 

Results at Abutment Springing Point 

At the abutment springing point, the responses monitored were the lateral 
displacement of the arch and the longitudinal strain at the barrel. The strain was found to 
be in excellent concurrence with the measured site data. The lateral displacement, 
however, was found to give significant variations. The only parameter which was found 
to control these large variations was the stiffness of the back fill behind the abutment. As 
very little is known about this parameter, this was taken as being the same as the fill 
value. There could be some difference between these, however, the quality of data also 
showed certain possibilities of sensor malfunction at this location. This parameter was 
therefore not considered in the convergence criteria to isolate the material properties. The 
results are shown in Figure 6. 

Model Response to Higher Proposed Loads 

After getting a good fit of the numerical model with the site recorded data, the 
model is then subject to the proposed increased loading. The design checks are done as 
per the current Indian Railway standards. The railway standards incorporate a design 
value of loading in the form of a design UDL (Uniformly distributed load) which is 
applied on the bridge. This load is dependent upon the span of the bridge, the exact values 
of which are as per the Indian Railway Bridge Rules [8]. In addition to these loads, the 
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standards also specify a dynamic augment, which is a ratio to the static loads 
corresponding to the dynamic effects of the loads, incorporating rail-wheel actions, 
flatness of wheel and other dynamic effects. This value depends upon the speed and is 
defined as a total CDA value of 0.328 corresponding to 125 km/h speed and a design 
CDA value of 0.17 corresponding to the design speed. The response expected from the 
bridge to these increased loads should be within the accepted norms of serviceability and 
strength for the masonry arch to be retained. The CDA in the tables is the response 
corresponding to the corresponding coefficient of dynamic augment. The total and design 
CDA values are defined in the Indian Railway Bridge Rules [8]. The final expected loads 
and allowable values for the increased loads are given in Tables 2 – 5. 

  
(a) (b) 

Figure 5. Comparison of response at Pier Side Springing Point 

  
(a) (b) 

Figure 6. Comparison of response at Abutment Side Springing Point 

Table 2. Crown Displacement design checks in mm 

Loading standard A* B* C* D* E* Allowable 
25 Ton 0.09 -0.59 -0.50 -0.67 -0.58 -1.25 HML 0.09 -0.66 -0.57 -0.76 -0.66 
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Table 3. Crown Longitudinal Stress Design Check in MPa 

Loading 
Standard A* B* C* D* E* Allowable 

25 Ton -0.85 -0.6 -1.45 -0.68 -1.54 -7.0 HML -0.85 -0.68 -1.53 -0.78 -1.63 
 

Table 4. Abutment Springing Point Longitudinal Stress Design Check in MPa 

Loading 
Standard A* B* C* D* E* Allowable 

25 Ton 0.11 -0.90 -0.79 -1.05 -0.94 -7.0 HML 0.11 -0.97 -0.86 -1.12 -1.01 
 

Table 5 Pier Springing Point Longitudinal Stress Design Check in MPa 

Loading 
Standard A* B* C* D* E* Allowable 

25 Ton -0.35 -1.52 -1.87 -1.73 -2.08 -7.0 HML -0.35 -1.61 -1.96 -1.85 -2.20 
*Notation:  A = Self weight, B = Live Load + Design CDA, C = A + B,  
  D = Live Load + Total CDA, E = A + D 
 

DISCUSSION 

The good correspondence of the numerical model with the site data for a 
reasonably well distributed number of response parameters gives confidence that the 
material properties chosen are a good representation of what actually exists in the field. 
The stone modulus is taken as virtually unchanged, as a value of 14 GPa for fine grained 
sandstone is in accordance with what numerous researchers have considered. The value of 
112 MPa estimated for the fill is again well within the range of expected values for this 
parameter. The E value of the concrete fill is estimated as 1.18 GPa, which seems to be a 
lower bound for this parameter. The value of the stiffness of the spring corresponding the 
mortar is estimated at 10.82 GPa, which is in good correspondence to that estimated by 
Jiang et al. [4]. All the material parameters being well within their expected range, the 
condition of the arch is thus estimated as being satisfactory. Several loading condition 
estimates were done on the numerical model, which corresponded to the proposed load 
increase. For all the loadings the arch was found to be safe and hence could serve to carry 
the increased loads without any replacements.  

The results of the Tables 2-5 show that the arch span monitored can safely take the 
future augmented loads as per the Indian Railway Bridge rules [8], given the current 
condition of the bridge. 
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CONCLUSIONS 

The arch modeling ideology used in here is different from those used in earlier 
research. It should be noted that earlier research has concentrated on comparing 
displacements and load-deflection curves, which are lower order responses and can be 
compared using fairly approximate models. In this paper, strains have been compared and 
a more accurate model based on actual measured arch behavior was, therefore, necessary. 
The data recorded for known loads formed the basis for a system identification exercise. 
The process followed was a brute force technique, where the parameters were estimated 
in a least squared error sense. The technique provides numerical estimates of 
displacement and strain values that compared well with the recorded site data. Thus this 
technique forms a reliable procedure for system identification and condition estimation 
for stone masonry arches. The arch parameter values were found to be in the range that 
identified the bridge as in good current condition. The acceptable performance of the 
bridge under the hypothetically increased loads signifies its ability of continued 
performance despite its age. This is indeed a cost-effective manner for ensuring continued 
use of the heritage arch bridge. It can, therefore, be concluded that the monitoring 
ideology presented here for a masonry arch is a robust and viable exercise to be 
undertaken before changing/replacing such bridges.   
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Abstract  
The preservation of the history of the United States through its significant buildings is 

critical; however, this initiative is currently threatened due to the modernization of the nation’s 
infrastructure.  If a fast and cost-effective way to monitor the condition of a historic structure 
existed, many more structures could be rehabilitated for modern uses while preserving the 
important historic content.  Widely accessibly Wireless Sensor Network (WSN) technology could 
be a great asset to the preservation of historic structures in the future. The main objectives of this 
work are to develop a reliable WSN that is tailored for use in historic structures, and to implement 
the system in a structure undergoing rehabilitation.  The structure considered is a historic wooden 
church in which the foundation requires replacement.  Sensors will monitor tilt of the church’s 
walls throughout construction.  During the construction process, the entire floor of the church is 
removed and the tree stump foundations are replaced by concrete masonry unit (CMU) blocks and 
steel pedestals.  The tilt in the walls is correlated to the construction process.  Through this research 
it can be seen that the WSN is an effective tool for structural monitoring in historic preservation. 

Keywords: Wireless Sensor Network, Historic Structures, Rehabilitation, Foundation 
Leveling, Tilt, Monitoring 
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INTRODUCTION 

Historic structures are designated and treated separately from other existing 
structures due to the restrictions imposed by both the National Park Service and the 
Secretary of the Interior’s Standards.  Typically, if a structure is over 50 years old and can 
demonstrate that it is of historical significance, then it is eligible for entry into the 
National Register of Historic Places, monitored by the National Park Service.  The 
advantage of having a structure that qualifies for the National Register is that financial 
incentives (such as tax credits and federal grants) exist for the treatment and upkeep of 
the structure.  Usually, if a structure is placed on the National Register, it must then 
follow the guidelines set forth by the Secretary of the Interior’s Standards for any 
treatments.  As one can imagine, the treatment criteria for a registered historic structure is 
much more strictly monitored than the treatment of another non-historic structure due to 
the strong desire to protect the historical significance.  The Secretary of the Interior’s 
Standards for the Treatment of Historic Properties will be a key reference throughout the 
research process.  These standards detail, through written descriptions as well as pictures, 
the acceptable treatments for historic structures.  For the research solution to be relevant, 
the approach must not impede the historic character of the property (Weeks and Grimmer, 
1995).   

The development of a reliable WSN will increase the knowledge of the behavior 
of many historic structures.  Since many historic structures are made out of older building 
materials, there are many unknown material properties which make building assessment 
difficult.  In addition, there are many hidden defects that could be detected much more 
quickly with applied WSN technology.  Having an effective and reliable WSN to collect 
building response data will help structural engineers more quickly and easily understand 
the current condition of the overall structure.  Instead of relying completely on assumed 
material conditions or a multitude of smaller material tests, structural engineers will soon 
be able to quickly and cost effectively use scientific data obtained from a WSN to 
evaluate the overall condition of an historic structure. 

While some wireless sensor monitoring of structural health is currently being done 
across the country, the networks are very limited in terms of their size and effectiveness 
(Swartz et al., 2005).  In addition, more research must be performed when working with 
historic structures in particular due to the additional concerns and regulations imposed by 
the National Park Service and the Secretary of the Interior’s Standards.   

The WSNs must conform to many of the same standards to which the traditional 
wired networks adhere.  Specifically, they must be able to report the structural response 
and signify a structural degradation over time.  More importantly for historic structures, 
the WSN must be able to identify major deformations or material fractures that are 
present (Cinque et al., 2006).  The structural engineer can then analyze the data to 
determine the level of danger that the structure poses to humans.   

In addition to addressing the above concerns with the current WSNs available, 
research is needed to provide information related to the optimal placement of sensors on 
the historic structure of interest.  This optimal location decreases the cost of installation 
while increasing the reliability of the network itself (Cinque et al., 2006).  Although this 
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idea of determining the optimal placement location is not new in itself, there is currently a 
lack of widespread data on optimal sensor placements for historic structures.  Therefore, 
additional research into this area is needed. 

Furthermore, some of the most successful projects involving WSNs still lack long-
term reliability and power options.  Efforts are needed to utilize wireless sensors which 
incorporate energy scavenging devices such as piezoelectric elements, thermocouples, or 
solar cells. This can dramatically increase the battery life and capabilities of the sensors 
(Hurlebaus and Gaul, 2006).  Reinisch et al. (2007) notes that node visibility is a potential 
drawback to wireless sensors, i.e.: nodes A and B can see node C, but not each other.  
Another issue to be aware of is the potential for a wireless network channel to be jammed 
due to other devices utilizing the same frequency.   

The purpose of this research is to provide a reliable solution for monitoring of an 
historic structure under rehabilitation in a non-destructive and cost effective way using a 
WSN. The WSN technology will be developed such that the sensors will be able to 
measure structural response to both man-made and natural forces in order to determine 
the safety of the structure.  The objectives of this study are to (1) develop a reliable WSN 
that is tailored for use in historic structures, and (2) implement the monitoring system in 
the field to test the feasibility of the WSN. 

 The paper is organized as follows.  After a description of the WSN and the 
remote access capabilities, the historic structure is introduced.  Information about the 
structure includes a brief history and the rehabilitation plans.  After that, the application 
of the WSN to the historic structure is explained, detailing the mote placement, 
installation, and monitoring process.  Then, the results are presented, including the 
challenges faced in the field during installation. 

WIRELESS SENSOR NETWORK  

The purpose of the wireless sensor network is to collect measurements from 
individual sensors and compile it for later analysis.  Advantages of a WSN include greater 
flexibility, and ease of installation; however, it is limited by available power sources and 
the possibility of environmental conditions impacting the data transmission process.  The 
sensors of a WSN can be placed at any location desired while only being limited by the 
transmission distance capacity of the radio transmitter and transmission barriers such as 
metal and thick concrete walls.  In addition, once the sensors are in place, more can be 
easily integrated into the network.  With the increasing research in the field of WSNs, the 
availability of sensors is improving and their cost is decreasing.  Currently, wireless 
sensors are approximately the same price as wired sensors.  However, there is a dramatic 
decrease in the installation cost of WSNs. 

As was previously mentioned, battery longevity is a primary limiting factor of 
WSNs.  Much work is underway to develop better, more efficient methods of harvesting 
energy to increase the capabilities of wireless solutions.  Some proposed options include 
the use of more efficient batteries, and/or harvesting energy using solar, thermal or 
vibration energy.  The WSN for this specific application was designed to be operated by 
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batteries only because it is easier to replace batteries than integrating an energy harvesting 
device when monitoring the structure for only 4 months. 

Three key components comprise the WSN: data collection, data accumulation, and 
data analysis (Figure 1).   

 

Figure 1. Wireless sensor network 

  

Figure 2. Mica2 mote (left) and MTS310 sensor board (right) 
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Data collection is achieved by connecting a wireless transmission module to a 
sensor module (comprising a complete mote), which are then attached to a structure.  
There are several brands and types of motes available both for commercial and research 
applications.  This project uses Crossbow Mica2 series motes, which utilize TinyOS, a 
wireless sensor mote operating system that is easily adaptable for specific applications 
with MTS310 sensor boards as seen in Figure 2 (Reyer, 2007).  

After the measurements are taken, the next component of the WSN is 
implemented.  In this stage, the wireless motes send the collected data to the base station 
using radio transmission.   Due to the need for communication between the wireless 
motes and the base station, a basic star topology is used to implement this network 
(Figure 3).  Under this configuration all motes are wirelessly connected to the base station 
and are given the same priority level.  All wireless motes can communicate with the base 
station.  Therefore, individual motes can try to send data packets to the base station at the 
same time.  For this reason, the motes are programmed to continue attempting to send 
their data until the base station confirms receipt of the data.  Once data acquisition has 
been confirmed, the mote will go into sleep mode and wait 15 minutes to take another 
measurement.  While in sleep mode the mote conserves energy, thus greatly increasing 
battery life. To allow the user to monitor the WSN from any location, the computer was 
connected to LogMeIn.com, a remote access website. Constant internet access was 
provided using a Junxion Box access point with an AT&T GSM wireless laptop card, 
which was connected via an Ethernet cable to the computer in the field (Figure 1). 

 

Figure 3. Star topology 

For data acquisition, the other half of data accumulation, the base station stores the 
collected data in file that contains the mote number, date and time of measurement, and 
the raw acceleration values in the x- and y-coordinates. 

The final aspect of the WSN is data analysis.  While the WSN is in the field, the 
file can be e-mailed and saved to a personal computer.  Data is then imported into Matlab 
and plotted to determine the angle of tilt in the structure. 
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The data that is accumulated by the base station provides raw data that must be 
calibrated before it is analyzed.  The acceleration values can be calculated using the 
equations (Reyer, 2007) 

𝛿𝑥,𝑦 = 𝑟𝑎𝑤𝑥,𝑦(+g) + 𝑟𝑎𝑤𝑥,𝑦(−g)
2

 (1) 

𝑓𝑥,𝑦 = 2[𝑔]
�𝑟𝑎𝑤𝑥,𝑦(+g) − 𝑟𝑎𝑤𝑥,𝑦(−g)�

 , (2) 

   𝑎𝑥,𝑦 = �𝑟𝑎𝑤𝑥,𝑦 − 𝛿𝑥,𝑦� × 𝑓𝑥,𝑦 , (3) 

where 𝛿𝑥,𝑦 = calibration offset; 𝑟𝑎𝑤𝑥,𝑦(+g) = average raw data value for the mote 
in the positive g orientation in the x- and y- directions (Figure 4); 𝑟𝑎𝑤𝑥,𝑦(−g) = average 
raw data value for the mote in the negative g orientation in the x- and y- directions 
(Figure 4);    𝑓𝑥,𝑦 = calibration factor; 𝑎𝑥,𝑦 = mote acceleration in the x- and y- directions, 
respectively (units of g).  From this, the angles of tilt can be calculated using the 
following expression (Bryson et. al., 2009; Analog Devices, 2000). 

𝜃𝑥,𝑦 = 𝑠𝑖𝑛−1 �𝑎𝑥,𝑦

1𝑔
� , (4) 

where 𝜃𝑥,𝑦 = angle from the horizontal axis;  𝑎𝑥,𝑦 = mote acceleration in the x- and 
y- directions, respectively (units of g). 

    

Figure 4. Position 1: 𝑟𝑎𝑤𝑦(+g), position 2: 𝑟𝑎𝑤𝑦(−g), position 3: 𝑟𝑎𝑤𝑥(+g) and 
position 4: 𝑟𝑎𝑤𝑥(−g) (left to right) 

To calibrate the motes, each mote was programmed to take static measurements at 
2 second increments and placed in each of the 4 positions (Figure 4) for 30 seconds per 
position.  The raw data values were then averaged to calculated the  𝑟𝑎𝑤𝑥,𝑦(+g) and 
𝑟𝑎𝑤𝑥,𝑦(−g).  Table 1 displays the raw data values as well as the 𝛿𝑥,𝑦 and 𝑓𝑥,𝑦 from motes 
8 and 11 as examples of this process. 
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Table 1: Calibration data for motes 8 and 11 

Mote raw y 
(+g) 

raw y  
(-g) 

raw x 
(+g) 

raw x (-
g) δy δx fy fx 

8 456.88 565.96 519.22 412.45 511.42 465.84 0.0183 0.0187 
11 455.00 564.64 535.10 425.18 509.82 480.14 0.0182 0.0182 

 

HISTORIC STRUCTURE 

Frankford church, an historic wood-framed church (Figures 5 & 6) in Dallas, 
Texas, is the subject of this field study.  This structure, as listed on the Texas Historic 
Landmarks plaque, was constructed in the 1890s through the efforts of Captain William 
McKamy and several members of the Frankford community.  Although it began as a 
Methodist church, it was later occupied by an Episcopalian community. 

 

Figure 5. Exterior view of church 

 

Figure 6. Interior view of church 
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When it was built, the church was set on a foundation of bois d’arc tree stumps 
(Figure 7).  Dallas is a region with very expansive clay soils so over the years the church 
developed differential settlements of up to 75 mm over approximately 15.25 m.  To 
remedy the problems, the foundations were replaced by concrete masonry unit (CMU) 
blocks along the interior and steel pedestals on concrete pads under the exterior walls 
(Figure 8).  To maintain the appearance of the stump foundations, bois d’arc stumps will 
be notched to fit around the steel supports.  Over the course of the rehabilitation, the 
structure was leveled several times (Figure 7).  For minor adjustments, steel pipe supports 
were connected to the concrete pads using leveling bolts.   

  

Figure 7. Original foundations (left) and jacks used to level structure (right) 

  

Figure 8. Interior span CMU foundation on concrete pad (left) and exterior span steel 
pedestal on concrete pad (right) 

For this research, each mote was mounted on an angle bracket which was attached 
with a single 4.76 mm diameter wood screw to the wall approximately 3.66 m above the 
floor of the church so as to not impede work during the rehabilitation.  According to the 
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orientation of the motes on the wall, the local x-axis is perpendicular to the wall, while 
the local y-axis is parallel with the wall.  As shown in Figure 9, the motes were 
distributed throughout the church.  Motes 5, 6, 11, and 12 were placed directly above the 
windows.   

 

Figure 9. Plan view of church with mote placement 

The base station and desktop computer were set up in the crawl space of the tower 
at the front entrance to the church. Once all of the equipment was installed, the WSN 
programs were started and monitored periodically via remote access for 4 months. The 
motes were removed after the foundation issues were resolved. 

RESULTS 

The WSN was installed eight days before construction began and remained on the 
structure through the leveling process, until the foundations were in their final locations 
and only architectural work remained on the interior. Results from each mote were 
examined for the first eight days to determine if temperature changes could be detected. 
None of the motes produced data that would indicate temperature dependence. However, 
it seems plausible that temperature shifts would not be mirrored in the construction 
materials because the region in which the church is located is prone to a wide range of 
temperatures. If the material was highly sensitive to such temperature shifts, the structure 
would have even worse issues than the differential settlements. 

For this application, the sensors had a sensitivity of approximately 1 degree. They 
do display overall movements throughout construction as a result of leveling and re-
leveling the structure.   

The worst settlement issues occurred close to motes 8 and 11.  This is the reason 
that the results of the motes are chosen as examples (Figure 10). 
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To confirm that the shifts in the motes were due to external impacts, the results 
were compared with the construction stages.   The construction was divided into 10 
phases as shown in Table 2. 

  

Figure 10. Mote 8 (left) and mote 11 (right) 

Table 2: Construction activities 

Phase Start Date End Date Description 
1 8/17/09 8/24/09 Installing WSN 
2 8/25/09 9/8/09 Remove pews, base and flooring 
3 9/8/09 9/15/09 Start digging up center piers 
4 9/15/09 10/2/09 Interior joist and beam repair 
5 10/2/09 10/29/09 Rain delay 
6 10/30/09 11/2/09 Floor joist repair and addition 
7 11/3/09 11/10/09 Work on North beams and level church for the first time 

8 11/11/09 11/13/09 Install steel channels around roof line of church for tie 
rods 

9 11/14/09 11/29/09 Rain delay 

10 11/30/09 12/19/09 Set steel pedestals, pour concrete pads and jack church up 
and down until level 

 

Note that the major spikes in the data occurred while the batteries were being 
changed in each sensor (9/17/09; 10/23/09; 11/13/09; 12/18/09).  Mote 8 (Figures 11 and 
12) only had two spikes while mote 11 (Figures 13 and 14) has four jumps because the 
batteries in mote 8 lost power before they were changed and a static measurement was not 
taken while the mote was off the wall.  Also, the short increments on Figures 11 through 
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14 where there are no data points indicate the dates that power outages occurred (8/22/09; 
8/27/09; 9/8/09; 9/20/09; 9/25/09; 10/4/09).  Note that the WSN was not operating after a 
power outage and it had to be manually reset.  The church is 3 hours away from the 
researchers’ headquarters and therefore the WSN could not always be reset immediately 
after a power outage.  The longer increment between October 16th and October 26th 
represents a loss of battery power.  There is a longer range of power loss for mote 8 
because it was furthest from the base station and was programmed to transmit data at a 
higher RF power, whereas the other motes were programmed for a lower RF power. 

 

Figure 11. Tilt of Mote 8 in x-direction 

 

Figure 12. Tilt of mote 8 in y-direction 
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Figure 13. Tilt of mote 11 in x-direction

 

Figure 14. Tilt of mote 11 in y-direction 

Several issues occurred during the installation and data acquisition phases of the 
project.  As previously mentioned, the power source for the motes must be self contained, 
so research was conducted to find the best batteries for the application.  To properly 
estimate the battery life, motes were programmed for 3 different time increments (2 
seconds, 15 minute, and 1 hour).  The voltage of the new batteries was measured and the 
motes were then turned on at the same time and recorded measurements for 3 days, at 
which point the voltage was measured again.  This process was used for all three batteries 
tested: Duracell Alkaline AA, Panasonic Industrial Alkaline AA, and Energizer Lithium 
AA.  From this data, it was estimated that Energizer Lithium AA batteries set at 15 
minute increment measurements would produce the optimal battery serviceability because 
the batteries would only need to be changed once a month.  There was little difference in 
the reduction of battery power between the 15 minute increment and 1 hour increment.  It 
was concluded that this may be due to errors in the programming for the 1 hour motes.  
Since the 15 minute increment motes provide more data points, they were used.  In the 
field, the batteries lasted anywhere from 3 days to 1 week longer than expected before 
losing power. 
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Due to the location of the church in a region that receives frequent severe 
thunderstorms, there was a problem with the loss of electricity in the storms and thus 
turning off the computer that collects the data.  To resolve this issue, the computer was 
connected to an uninterruptable power supply on October 5th.  Since its installation, the 
computer has not lost power during storms. 

CONCLUSION 

Over the course of this research, a wireless sensor network was developed and a 
computer was configured for remote access capabilities.  This WSN was then applied to a 
church just before the start of construction and monitored during the construction process 
after which the results were analyzed.  As previously stated, the results indicate the motes 
have low sensitivity, but they were able to detect long-term trends in the tilt of the walls.  
For future structures, results indicated a need for motes with higher sensitivity; however, 
this research is only a feasibility study to determine if it is possible for the WSN to detect 
tilt in the walls during construction.  According to the results, the objective was reached, 
and therefore, this study can serve as a base upon which further research can expand. 
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Abstract 
The steel truss bridge has a special place in the heritage of the United States. It and the 

wooden covered bridge were some of the earliest designs found in the US. Although their numbers 
are slowly dwindling, there are still many of these magnificent structures remaining and still in use. 
Because of their unique design, age, or special significance to a time in history, some have been 
placed on the National Register of Historic Places. Either for pure functionality, or to preserve a bit 
of history, it is imperative that we use every tool available to preserve these historic structures, and 
when needed, prolong their useful service life. Presented in the paper are three examples of how 
testing and in-service monitoring were used in the evaluation of historic truss bridges. The 
examples include a Lenticular  thru-truss that was built in 1883, a wrought iron, pin connected Pratt 
truss, and a small thru-truss that was retrofit with a fiber-reinforced polymer composite bridge deck. 
The paper describes each bridge, the test setup and procedure, and the key results of the test. 

Keywords: Bridge, Composite Material, Diagnostic Test, Historic, Monitoring, Truss 
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INTRODUCTION 

The steel truss bridge has a special place in the heritage of the United States. It, 
and the wooden covered bridge, were some of the earliest designs found in the US. 
Although their numbers are slowly dwindling, there are still many of these magnificent 
structures remaining and in use. Because of their unique design, age, or special 
significance to a time in history, some have been placed on the National Register of 
Historic Places. Either for pure functionality, or to preserve a bit of history, it is 
imperative that we use every tool available to preserve these historic structures, and when 
needed, prolong their useful service life.  

Diagnostic load testing and in-service monitoring can and has been used to assist 
in the assessment and evaluation of these historic bridges. The problems encountered are 
quite varied and require a range of tools and techniques for understanding how the 
structure is behaving. Used effectively, these techniques can prolong the life of the 
bridge.  

Presented in the paper are three examples of how testing and in-service monitoring 
were used in the evaluation of historic truss bridges. In the first case, a Lenticular  thru-
truss, originally built in 1883, was tested to diagnose a problem with the load distribution 
between the floor system and the trusses. Results of the test uncovered the root cause of 
the problem and guided the retrofit program. The second example illustrates the case of a 
load test and in-service monitoring of a seven span, wrought iron, pin connected Pratt 
truss. The data provided a more accurate picture of the remaining fatigue life of the 
structure. The final example involves load testing of a thru-truss that was retrofit with a 
fiber-reinforced polymer composite bridge deck. The test was conducted to document the 
load distribution in the truss and the performance of the new deck system.  

JOSEPH R. OULLETTE BRIDGE 

A diagnostic load test was conducted of the Joseph R. Oullette Bridge, which 
carries Aiken Street over the Merrimack River in the City of Lowell, Massachusetts. The 
Oullette Bridge is a five span, wrought iron, Lenticular thru-truss that is supported on 
stone masonry abutments and piers. It is the longest Lenticular truss bridge remaining in 
the United States, with a total length of 772 feet. It supports one lane of traffic and a 
sidewalk in each direction. Two of the five simply-supported spans, spans three and four, 
were tested. Each has a length of 155 feet. The bridge was originally built in 1883 and 
was rehabilitated in 1998.  A picture of the bridge is shown in Figure 1.  

The deck framing consists of floorbeams at the panel points of the trusses, 
supported by hangers that connect to the vertical truss members.  The floorbeams support 
13 deck stringers that run perpendicular to the floorbeams.  All of the stringers are 
W16x31 members, with the exception of the two that support the curb and guardrail on 
each side, which are deeper, W27x84 members. The stringers span three floorbeams and 
are staggered, i.e., not all are continuous over a given floobeam. The roadway deck is a 
lightweight concrete filled steel grid deck. In 1998 the bridge was rehabilitated by 
removing and replacing the bottom flanges and adding a top cover plate on the 
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intermediate floorbeams.  In addition, all the stringers and the end floorbeams were 
removed and replaced with a new floor system design that included the 3 span continuous 
stringers.  Recent inspections revealed several locations where gaps appeared between the 
bearing plate of the hanger support and the floorbeam. This was a cause for concern 
which prompted the consulting engineer to order a load test of the bridge. The purpose of 
the test was to measure strains in selected bridge members under a controlled load, to 
determine how load was being distributed in the trusses and floor system. Particular 
emphasis was placed on specific floorbeams, stringers and hangers supporting the 
floorbeams. 

 

Figure 1. Oullette Bridge 

Test Setup and Procedure 

The bridge was instrumented to measure strains in the floorbeams, stringers, 
hangers and truss verticals at three different floorbeam locations.  Three separate load 
tests, referred to as Test 1, Test 2 and Test 3 were performed on three separate areas of 
the bridge.  Span 4, floorbeam was selected as the location for Test 1 because there was a 
gap between the bearing plate and floorbeam on the west side. Span 4, floorbeam 7 was 
selected for the location of Test 2 because it is adjacent to floorbeam 8 which had the 
hanger gap. Span 3, floorbeam 7 was selected as the location of Test 3 because it is 
similar to Test 2, except there was no hanger gap in the adjacent floorbeam. 

Strains were measured using quick-mount strain transducers that have a gage 
length of 3 inches. The transducers were clamped to the bridge at most locations using c-
clamps.  Where they could not be clamped, because of the deck, they were bonded on 
using a quick set adhesive. The displacement of the hanger gap at floorbeam 8, span 4 
was also recorded. Data was recorded as loaded trucks of known weight passed over the 
instrumented area.  The layout of sensors for Test 1, which was typical of all three, is 
shown in Figure 2. 

Data was continuously recorded while two 10-wheel dump trucks loaded with 
aggregate made several passes over the bridge. The gross weight of dump truck A was 
57.3 kips; the gross weight of dump truck B was 59.2 kips. Slow speed passes were 
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conducted with the load truck driving at a speed of approximately 5 mph (crawl speed) to 
measure the static response of the instrumented members.  In addition, full speed passes 
were performed at a travel speed of approximately 25 mph (full speed).   

There were six passes performed for Tests 1 and 2, and seven for Test 3.  Data was 
recorded at 20 Hz on the crawl speed passes and 40 Hz on the full speed passes.   

The instrumentation layout was very similar for all three tests, with the exceptions 
that the hanger gap displacement at floorbeam 8, span 4 was measured in Tests 1 and 2, 
but not Test 3, and one strain transducer (#344) was moved from the truss vertical and 
placed on the top of the guardrail approximately above floorbeam 8 for Test 3.  A final 
quick test was conducted to measure the strain in the guardrail on span 4.  Two strain 
transducers were mounted to the guardrail on span 4 approximately above floorbeam 8.  
The first strain transducer was mounted on the lower 4" horizontal guardrail steel tube 
and the second strain transducer was mounted to the top 4" horizontal guardrail steel tube.  

 

Figure 2. Oullete Bridge Test 1 - Setup 

Results 

Presented in Figures 3 through 5 are strain time histories that illustrate the general 
overall behavior of the members.  Consider first span 3, since there are no gaps in the 
hangers near this test location: the response of the floorbeam, hangers, truss vertical, and 
stringers are shown in Figure 3. The strain is plotted versus time (if scaled, this can be 
correlated to vehicle position; however, the general shape of the curve does not change). 
One can see the gradual build up and decay of load in the various members as the vehicle 
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moves across the span. The individual axles of the truck are not discernible in any 
member, except stringer #5. It is obvious that the hangers at both floorbeam 7 and 8 on 
span 3 carry almost equal load, and the vertical truss member carries some tensile load.  

Similar results are shown in Figure 4 for span 4, floorbeam 7. Overall the behavior 
is similar to that of span 3, but there are some differences. First, the hanger at floorbeam 8 
does not carry any load, which is consistent with the fact that there is a gap at the 
hanger/floorbeam connection. Also, the strains are higher in the deep stringer, #3. 

In Figure 5 are the same plots for span 4, floorbeam 8 (the floorbeam with the 
hanger gap).  The most noticeable difference here is the increase in strain in the deep 
stringer, #3, and the decrease in strain in the floorbeam. The strain in the interior stringer 
(#5) is comparable to the strains in the previous two cases. The vertical truss member 
carries a small compressive load (which is uncharacteristic of a vertical truss member). 

The impromptu final test of the guardrail demonstrated that the guardrail was 
carrying a compressive stress on the order of 1.5 ksi. The substantial guardrail was acting 
like the top flange of the combined stringer/guardrail stringer and aiding in transferring 
load over the hanger with the gap. 

Comparing these three plots provided good insight into how the load is transferred 
for the span with the hanger gap. Presented in Table 1 is a comparison of the maximum 
stress in the floorbeam for the three different tests, showing the effect of the hanger gap. 
Space prohibits expanding on the results in detail; however, to summarize, the key 
findings of the test were: 
1. The deep stringer #3, in conjunction with the guardrail, was acting to compensate 

for the hanger gap in span 4. The stringer provided a point of support for the 
floorbeam with the gap, transferring load to the adjacent hangers. 

2. The hanger gap: 
e. Caused an increase in the maximum stress in the deep stringer at the gap 

location. 
f. Caused a decrease in the maximum stress in the floorbeam with the gap and 

an increase in the stress in the adjacent floorbeam. 
g. Had little effect on the maximum bending stress at mid-span of the interior 

stringers (#5 and #6) 
h. Caused a slight increase in the stress of the interior stringer over the 

floorbeam with the gap. 
3. During the truck passes conducted the hanger gap was observed to partially, but 

not fully close. 
4. Stringers that are discontinuous over a given floorbeam tend to behave much like 

ones that are continuous, and not as if they were cantilevered.  
5. While the stresses are lower in the floorbeam with the hanger gap the difference is 

not significant.  
6. Overall, the maximum live load stresses in the bridge were 5.3, 4.9, and 2.9 ksi in 

the floorbeams, stringers, and hangers, respectively.  
Using these results the consulting engineer was able to calibrate their structural 

model of the bridge, conduct a load rating with knowledge of how the gap was affecting 
the bridge behavior, and develop an appropriate strategy for the bridge.  
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Figure 3. Strain time history for Span 3, floorbeam 7 (no hanger gap) 

 

Figure 4. Strain time history for Span 4, Floorbeam 7 (adj. to floorbeam 8 w/hanger gap) 

 

Figure 5. Strain time history for Span 4, floorbeam 8 (with hanger gap) 
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Table 1. Comparison of absolute maximum stress in floorbeams for different hanger gap 
conditions, for single and side-by-side trucks. All at the same bottom flange location.  

Floorbeam/location Single Truck Dual Trucks 
Floorbeam 8, Span 4 Gap 3.4 ksi 4.6 ksi 
Floorbeam 7, Span 4 No Gap; adj. hanger gap 3.9 ksi 5.3 ksi 
Floorbeam 7, Span 3 No Gap; adj. hanger no gap 3.7 ksi 5.2 ksi 

 

CALHOUN STREET PRATT TRUSS 

A diagnostic load test was conducted of the Calhoun Street Bridge, which crosses 
the Delaware River and connects the Borough of Morrisville, Bucks County, 
Pennsylvania and the City of Trenton, New Jersey.  The bridge is owned and maintained 
by the Delaware River Joint Toll Bridge Commission. At the time of the test the bridge 
was posted for a maximum load of 3 tons but still carried a large volume of traffic across 
the bridge.  

The Calhoun Street Bridge is a seven span wrought iron pin connected Pratt truss 
bridge with an overall length of 1273 ft. Each individual span is 179 ft 8 in. long.   The 
trusses are 22 ft. center-to-center and there is a 7 ft wide sidewalk on the north side of the 
bridge.  The bridge was constructed in 1884 and it is essentially the same bridge that is 
standing today.  Each span is a thru-truss with nine panels per truss.  The trusses support 
transverse built-up, riveted floor beams at each panel point.  The floor beams in turn 
support seven lines of interior roadway stringers and one line of deeper built-up exterior 
roadway stringers on each side of the interior stringers.  The roadway is a 5 in. deep open 
grid steel deck. A picture of one span of the bridge is shown in Figure 6. 

  
Overall view of one span Built-up Phoenix post 

Figure 6. Calhoun Street Pratt Truss Bridge 
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The trusses are 26 ft. deep. The compression members are tubular Phoenix 
members made up of four curved plates riveted together along their length. The bottom 
chord is constructed from flat eyebars, the majority of the diagonals are flat eyebars and 
the end truss panel verticals are flat eyebars.  The diagonals of the center panel are a 1-
3/8” diameter circular section.  Some of the trusses have had cables and external steel 
members added to strengthen the truss. 

The purpose of the test was to measure strains in selected truss and floor members 
under a controlled load and due to ambient traffic.  The controlled test was conducted in 
one day, in-service monitoring was conducted over a period of 23 days.  

Test Setup and Procedure 

Spans three and seven of the bridge were instrumented and tested in order to 
measure strains in selected truss members and one floorbeam on span three. For the 
diagnostic test, data was recorded as a loaded truck of known weight traveled across 
spans three and seven at a crawl speed (pseudo-static loading).  For the ambient traffic 
test, data due to normal traffic was recorded on four members on span seven for a period 
of 23 days.  In all cases, strains were measured using strain transducers that have a gage 
length of 3 in.  All transducers were clamped to the bridge members using c-clamps. 

Instrumentation was first installed on span three. Eighteen strain transducers were 
placed on members of the north truss, four were placed on members of the south truss and 
two strain transducers were placed on the floor beam (top and bottom flanges at midspan) 
at panel point L4. The sensors were concentrated near the middle and one end of the span. 
The setup for span seven was identical with the exception that no floorbeams were 
instrumented. Four strain transducers were left on the east end of the north truss of span 
seven to record data due to ambient traffic over an extended period of time.   

During the controlled load tests strain measurements were recorded continuously 
(at a rate of 10 Hz) while a loaded truck made several slow speed truck passes 
(approximately 5 mph) over the bridge. Six passes were completed for each span. The 
truck used was a six wheel, two-axle, flatbed type truck loaded with a section of precast 
concrete “Jersey” barrier.  The gross weight of the loaded truck was 23,400 lbs (~12 
tons).  

Results 

The diagnostic test results showed that the stress ranges for the various members 
caused by the 12 ton test truck were roughly as follows: 
• • End diagonal chord (L0_U1): 1 ksi 
• • Interior diagonals: 3 to 4 ksi 
• • Upper chords: 1 ksi 
• • Lower chords: 1 ksi 
• • Verticals members: 4-5 ksi (for L1_U1), and l ksi for others,  
• • Floorbeams: 2 to 3 ksi 

Therefore, for a 3 ton vehicle (the posted weight limit for the bridge), the peak 
stress ranges for the various members might be estimated as follows: 
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• • End diagonal chord (L0_U1): 0.25 ksi 
• • Interior diagonals: 1 ksi 
• • Upper chords: 0.25 ksi 
• • Lower chords: 0.25 ksi 
• • Verticals members: 1 ksi (for L1_U1), and 0.25 ksi for others,  
• • Floorbeams: 0.5 ksi 

In terms of load distribution, looking at peak strains of the chord members, one 
found that passes having a truck in one travel lane caused approximately 60-65 percent of 
the load to go into the truss adjacent to that lane, and 35-40 percent of the load to go to 
the other truss.   

Strains at four locations on the north truss of span 7 were continuously monitored 
for 23 days. The specific members monitored were vertical member L1_U1 (gage 295), 
end diagonal truss element L0_U1 (gage 533), upper chord member U1_U2 (gage 298), 
and lower chord member L0_L1 (gage 339). 

The data recorded over the 23 days was processed using the Rainflow algorithm. 
Using the recorded stress range and numbers of cycles, histograms for each gage were 
created. Examples are shown in Figure 7 and 8 for two members.   Considering all stress 
ranges, the total number of cycles recorded on the four gages varied greatly, from a low 
of 97,517 on member L0_U1 to a high of 8,215,520  on member U1_U2.  The wide 
variation most likely had to do with the fact that the cut-off for capturing stress cycles had 
to be set very low due to the low load posting of the bridge, and therefore the system 
captured low amplitude cycles caused by cars and also ambient vibrations. Nevertheless, 
it did raise some concern regarding the validity of some of the data.  After careful 
analysis of the in-service data, the controlled load test results, and considering that the 
bridge was posted at 3 tons, it was determined that the data for gages 298 and 339 was not 
reliable (because of the unrealistic large number of cycles and high stress cycles) and 
therefore was not considered in any further analysis. This finding, did however, 
demonstrate the benefit of combining a controlled load test together with in-service 
results, and some of the limitations of rainflow data (i.e., that raw strain time histories are 
not retained for more detailed post-processing should questions arise about the data). 

Using the data presented in the histograms, the effective stress range was  
calculated using the equation 
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where ni is the number of cycles in stress range iσ i, and tN is the total number of 
cycles in stress ranges k through m. Based on the ambient traffic response, the effective 
stress range for the end diagonal member L0_U1 was found to be 0.36 ksi, and the 
effective stress range for vertical member L1_U1 was found to be 1.15 ksi. The controlled 
load test results and the in-service results were used by the consulting engineers to 
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calibrate a structural model of the bridge and to conduct fatigue life predictions for 
members and connections on the bridge. 

 

Figure 7. Rainflow histogram for diagonal member L1-U1 from in-service monitoring 

 

Figure 8. Rainflow histogram for diagonal member L0-U1 from in-service monitoring 

FRP REHABBED TRUSS 

A diagnostic load test was conducted on Bridge No. 166, which is located on 
Wilson Road over Valley Creek, which is in Valley Forge National Park, Chester County, 
Pennsylvania. The thru-truss bridge has a span length of 62 ft.; the centerline spacing of 
the trusses is 17 ft. Panels are 12 ft. 6 in. on center. The floorbeams vary in depth from 12 
in. at the hanger to 24 in. at the center of the bridge. The bridge deck was replaced in the 
late 90’s with a single, glass fiber-reinforced polymer (GFRP) composite material deck. 
The deck was replaced with the lightweight composite deck to reduce the deadload on the 

Rainflow Histogram: L1-U1 (Gage 295)

0

400000

800000

1200000

1600000

2000000

0.33

0.67

1.00

1.33

1.66

2.00

2.33

2.66

3.00

3.33

3.66

3.99

4.33

4.66

4.99

5.33

5.66

5.99

6.32

6.66

Stress Range (ksi)

C
ou

nt

Rainflow Histogram: L0-U1 (Gage 533)

0

20000

40000

60000

80000

100000
0.35

0.70

1.05

1.39

1.74

2.09

2.44

2.79

3.14

3.49

3.83

4.18

4.53

4.88

5.23

5.58

5.93

6.27

6.62

6.97

Stress Range (ksi)

C
ou

nt



CSHM-3; 11-13 August 2010, Ottawa-Gatineau, CANADA P a g e  | 543 

Shenton III, “Diagnostic Load Testing and In-Service Monitoring for Assessment and 
Preservation of Historic Truss Bridges”, 11/13 

bridge and therefore prolong the life of the structure. The deck is 8 in. thick and is 
anchored to the top flange of the floorbeams. A picture of the bridge is shown in Figure 9. 
Figure 10 shows the GFRP deck on top of a floorbeam. 

The purpose of the load test was to measure the load distribution in the trusses, 
floorbeams, and GFRP deck. The measured data was also used to conduct a load rating of 
the bridge using theoretical predictions of stress and also the measured stressed. 

 

Figure 9. FRP Rehabilitated Truss 

 

Figure 10. Photograph showing FRP deck on top of floorbeam 
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Test Setup and Procedure 

Because of the number of measurement locations required, the test was conducted 
in two phases. First the trusses were instrumented and tested, then the floorbeams and 
GFRP deck were instrumented and tested. In the first setup, sixteen strain transducers 
were mounted to the north truss members and seven to the south truss members. In the 
second setup, fifteen strain transducers were mounted to the bottom surface of the deck to 
measure longitudinal and transverse strains, four transducers were mounted on each of 
two floor beams, and four displacement dial gages were configured to measure the 
vertical deflection of the deck and the floor beams. All of the strain transducers were 
connected to the data acquisition system and were read simultaneously, at an appropriate 
sample rate (10 Hz). The displacement gages were conventional dial gages that are 
accurate to 0.001" and were only read for two stationary load cases. A 6-wheel dump 
truck was used as a controlled live load.  The gross weight of the unloaded truck was 14.6 
kips with a rear axle weight of 7.1 kips and the gross weight of the loaded truck was 36.5 
kips with a total rear axle weight of 26.3 kips.   

A series of load passes (load cases) where made with the truck moving at a slow 
roll, approximately 2 miles per hour, across the span.  These included the passes using the 
unloaded truck and then the loaded truck. Passes were made with the truck moving along 
the centerline of the bridge, and also passes with the truck close to the edge of the bridge. 
To measure displacements, the trucks were positions at various locations on the bridge 
and the displacements were manually recorded 

Results 

The maximum recorded strains due to the loaded truck were as follows: in the 
floor beams = 176µε, in the truss top chord = -154µε, in the truss verticals = 196µε and in 
the U0-L2 diagonal was 197µε. These correspond to stresses of 5.1 ksi, -4.5 ksi, 5.7 ksi, 
and 5.7 ksi, respectively. Results also showed that the neutral axis of the floorbeams was 
well above the center of the beam, indicating that there was some composite action 
between the new GFRP deck and the floorbeams. This was attributed to the mechanical 
attachment of the GFRP deck to the top flange of the floorbreams.  The measured stresses 
in the truss members were in general lower than the model predicted values. This was 
attributed to two possible factors. First, the GRFP deck is continuous over the floorbeams 
and is anchored to the floorbeams in such a way to limit longitudinal movement. 
Therefore, when loaded, the GFRP deck may in fact act like a bottom cord of the truss 
and therefore reduce the stresses in the other truss members. It was also noted, during a 
quick review of data in the field, that load was not going into 5 of the 6 instrumented 
hangers. On inspection it was found that the floorbeams had been welded to the vertical 
members, thereby reducing or eliminating the load transfer through the hangers. On 
further investigation, most of the pin connections had been partially welded at some time 
in the past. All of this lead to the trusses not behaving like ideal trusses and inducing 
some frame action into the structure. This reduced the stress in the truss members. 

The analytical inventory and operating ratings for the floor beams were 15.0 tons 
and 22.0 tons, respectively.  The inventory and operating ratings for the floor beams 
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based on the load test results were 32.7 tons and 47.8 tons, respectively. The analytical 
inventory and operating ratings for the trusses were 15.3 tons and 21.0 tons, respectively.  
The inventory and operating ratings for the trusses based on the load test results were 26.2 
tons and 32.0 tons, respectively.  The analytical inventory and operating ratings for the 
floor beam hangers were 28.3 tons and 39.9 tons, respectively.  Based on the load test, it 
was found that the hangers had been welded to the floor beams and were, therefore, not 
taking any load.  Assuming the welds may fail in the future, the analytical ratings should 
be adequate. 

The maximum recorded strain on the bottom surface of the GFRP bridge deck for 
the semi-static load cases was 94.7 microstrain for the unloaded truck and the maximum 
recorded strain was 323 microstrain for the loaded truck.  The maximum relative 
deflection of the GFRP bridge deck was 0.138 inches. 

The controlled load test provided measured responses that demonstrated that the 
truss is not as heavily loaded as the theoretical predictions say it is, that the new GFRP 
deck is acting somewhat compositely with the floorbeams and like a bottom cord of the 
truss, the load ratings based on the experimental results are better than the purely 
theoretical values, and that some of the hangers and pins had been partially welded 
sometime ago causing the truss to behave differently than an ideal truss.  

SUMMARY AND CONCLUSIONS 

Results have been presented in the paper of controlled load tests and in-service 
monitoring of three different historic bridges. The Ouellete bridge is a unique Lenticular 
truss bridge that showed evidence of peculiar behavior because of gaps in the hanger 
support. The load test showed how the load was being distributed by the continuous 
stringers and the guardrail. The results allowed the consulting engineer to develop a 
reasonable repair plan having full knowledge and understanding of how this historic 
structure was really behaving. The Calhoun Street Bridge is a Pratt truss built in 1884 that 
still carries a large volume of traffic over the Delaware River. The controlled load test 
provided data for calibrating a model of the bridge. Data from the in-service monitoring 
enabled more accurate estimates of the effective stress to be calculated, for use in fatigue 
life evaluation. Finally, a controlled load test of Bridge 166 in the Valley Forge National 
Park provided information on the response of the bridge, improved load ratings, and 
confirmation that the new GFRP composite deck was functioning properly. All of these 
projects demonstrated how controlled load tests and monitoring can be used to better 
understand the behavior of these historic structures, and to prolong their useful life. 
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Abstract 
The Brooklyn Bridge was opened for use in 1883 and has been a major transportation artery 

for New York City ever since. There are plans for significant retrofit and maintenance work on the 
bridge approaches in the near future.  One of the aspects of the work includes repairs to the masonry 
vaults due to cracks.  However, until repair work can be undertaken, it was decided to install a 
system of fiber optic sensors for monitoring the masonry vault structure.   

The monitoring system provides real time data over the internet.  Crack opening, thermal 
fluctuations, related structural movements and vibrations are monitored by fiber optic crack sensors, 
accelerometers and tiltmeter sensors. In addition for safety considerations, the monitoring program 
is designed to provide feedback to the New York City Department of Transportation (NYC DOT) 
on the severity of the crack opening and their cause.  It is anticipated that such data will not only 
provide reassurance on the structural stability of the vault structure but will also provide guidance to 
design more economical and efficient repairs.   
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INTRODUCTION 

The Brooklyn Bridge (Figure 1) is easily among the most famous bridges in the 
world. It was designed by John Roebling and completed by his son, Washington and his 
daughter-in-law Emily Roebling, between 1867 and 1883. With a length of 1595.5 ft 
(486.6 m), the main span nearly doubled the record of its time. A number of features, 
such as the caissons used in the construction of the towers, the hybrid suspension / cable-
stay system, and the air-spinning of the suspension cables were innovative in size and 
method or entirely unique. Under such a mighty shadow, the bridge approaches are seen 
merely as necessary appendages to the giant between the anchorages. Nevertheless, they 
represent 72 of the 75 spans, constituting this landmark structure and include steel spans 
as well as masonry vaults of varying size. John Roebling designed them with his typical 
foresight and attention to detail, even anticipating that some of them will serve as 
gathering places for the communities of the future. The 2008 Annual Bridge Report of 
New York City Department of Transportation (NYC DOT) reports $725.77 million in 
contracts for the rehabilitation of the bridge over the last 25 years. At least 30% of these 
monies have been or will be spent for work on the approaches. While awaiting the 
execution of some of the pending contracts, the Brooklyn Bridge approaches are under 
intensive monitoring by the bridge inspection forces of NYC DOT. Brick masonry vaults 
are notoriously unsuitable for visual inspection because of their high sensitivity to the 
smallest of motions. As a result, they were perfect targets for monitoring by a high-
precision, low-maintenance, real-time internet based technology such as fiber optic 
sensors. The opportunity to conduct this program was provided by the Federal Highway 
Administration in December of 2008. The purpose was to monitor approach vaults with 
known cracks in order to ascertain their safe operation until the forthcoming 
rehabilitation.  

Health monitoring of the civil infrastructures has attracted much attention during 
recent years. Condition evaluation of structures based on routine visual inspections does 
not allow precise assessment of the structural safety (1). This brings an urgent need to 
continuously monitor the response of the structure under service loading. Structural health 
monitoring systems include three major components: sensors, data acquisition system and 
data analysis. Some inherent advantages of Fiber Bragg Grating (FBG) sensors over 
conventional sensors, such as small size, immunity to electrical and electromagnetic 
interferences, high resolution, and serial multiplexing capacity, make them suitable for 
structural health monitoring systems (2). FBG sensors have been used to measure key 
structural parameters, such as strain, acceleration, displacement, temperature and 
pressure, which are employed to diagnose anomalies of a structure (3, 4). Structural 
health monitoring systems based on FBG sensors have been successfully installed on 
many different bridges, such as the Tsing Ma Bridge in Hong Kong (5) and, more 
recently, at the new bridge carrying I-35W over the Mississippi River at Minneapolis. 

Apart from serving as a safeguard for the traveling public, this study investigates 
the feasibility of using the developed FBG sensors for structural health monitoring of 
masonry vaults, via monitoring the crack openings, wall tilting, acceleration and 
temperature of different locations of the structure. This provides the local and global 
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assessment of the structure’s safety as well as a baseline for identifying the structural 
performance changes in the future. 

 

FIGURE 1 Brooklyn bridge approach structure near the abutment 

DESCRIPTION OF THE STRUCTURE 

The approach on the Manhattan side, which is 1562’-6” long, was constructed over 
a series of increasingly taller vaults.  The brick and stone masonry vaults subject to this 
investigation span 35’ and 33’ respectively. 

The vaults are constructed of brick masonry.  Based on the drawings available of 
the bridge, the vaults are parabolic in shape and are constructed of brick masonry.  Wood 
shoring was used during construction.  The fill above the vault is not completely known.  
It is believed to be granite and rubble stone fill without mortar.  A test opening was made 
at one location in the vault which confirmed this assumption of the fill. The fill above the 
vaults includes unique mini-arches with vaults parallel to traffic, intended to reduce the 
weight of the superstructure. Traffic consists of three lanes in each direction. Trucks are 
not allowed on the bridge with the exception of fire and ambulance vehicles.  
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Little is known about the history of longitudinal cracks in the vaults. They have 
been monitored visually by inspectors.  This included documenting the location and 
length of the cracks.  Also, nails were installed at opposite sides of the cracks for taking 
measurements of the cracks during regular inspection.   

There are also cracks in the masonry walls of the vault structure.  Some of the 
cracks occur over door openings.  Others occur vertically in the interior and exterior 
walls.  One of the vertical wall cracks could be traced continuously down to the exposed 
portion of the foundation which is also cracked.  

The approach ramps, including the subject masonry vaults, are scheduled for 
significant repair beginning within the next year.  However, in the interim, it was decided 
to monitor the cracks opening and wall movements with fiber optic sensors. A monitoring 
plan was developed using fiber optic crack sensors, accelerometers, and tiltmeter sensors.  

MONITORING PLAN AND INSTRUMENTATION 

The main objectives of the monitoring of the Brooklyn approach structures include 
continuous evaluation of local and global performance of the structures. Health 
monitoring programs of the Brooklyn approach structure include measuring crack 
openings as well as the wall movement and inclination of the structure.   

The structural health monitoring plan called for monitoring of the vault cracks and 
wall movements as their movements needed to be correlated with the vault crack 
openings.  Accelerometers were used to examine the relationship between dynamics of 
the bridge due to the traffic and the crack openings. An all fiber optic sensor system is 
cost effective, because one interrogation instrument could serve all the different types of 
sensors. It was decided to use FBG sensors for all designs.  The crack sensors as well as 
the accelerometers and the wall displacement sensors were designed and built at the 
University of Illinois at Chicago.  The tiltmeter and temperature sensors were purchased 
from Fibersensing in Portugal, and Micron Optics in USA.  The interrogation unit and the 
multiplexer were manufactured by Micron Optics.  

High resolution FBG based crack sensors were employed to measure minor 
fluctuations in the masonry crack openings, as well as have a gauge capacity great enough 
to measure larger openings (20 microns to 10 mm range). To accommodate the rough 
masonry surfaces for the installation of the crack sensors, the tabs were bolted to the 
masonry with Tapcon screws and clamped down with fender washers.  Each of the crack 
sensors was individually calibrated in the laboratory prior to installation. Accelerometers 
were mounted on the vaults near the crown to measure the relative vibrations on each side 
of the crack. The accelerometers were also Fiber Optic Bragg Grating based (4). The 
titlemeters which were also FBG based had self-temperature compensation capability. 
They were used to monitor the wall tilting (Figure 2).  Wall displacements sensors were 
attached to the wall with the floor as reference to serve as redundant measurements 
against the tiltmeters. Displacement sensors are basically similar to crack sensors 
modified to a quarter-circle shape which allows measuring relative displacement between 
two perpendicular surfaces. Temperature sensors which were also FBG based were 
strategically placed in every floor near the other sensors. Of particular concern were the 
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longitudinal cracks in each of the two vaults and walls on the third floor. In order to 
monitor the vault, four crack sensors were located across each crack along its length 
(Figure 3).  In addition, an accelerometer was attached at each side the crack in order to 
measure vibrations of the vault and if there was any differential vibration on either side of 
the crack.   

 

FIGURE 2 Tiltmeter sensor 

 

FIGURE 3 Crack sensor and fiber optic accelerometer 

Additional crack sensors were installed over various other vertical cracks on the 
walls of the basement through third floor.  Figure 4 shows an elevation view of the 
structure with a sensor layout. The fiber optic sensors are controlled by a computer and 
interrogator system that is housed in a metal cabinet within the vault structure.  Electrical 
power was available at the bridge site, but there was no means of internet access for 
transmitting the data from the remote site.  Instead, a cellular broadband modem was 
used. The cellular reception inside of the vault structure was limited due to the thick 
masonry walls.  To remedy this problem, an RV antenna was used with a low-loss coaxial 
cable to extend the cellular signal from outside.  Figure 5 shows a sample view of the 
monitoring software. 
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FIGURE 4 Sensors location  

 

FIGURE 5 Sample view of the monitoring software 
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RESULTS AND DISCUSSION 

The sensor data are presented and analyzed for locations perceived as critical, 
including longitudinal cracks along the vaults and masonry walls on the third floor. Eight 
FBG crack sensors have been installed over the cracks of the vaults to measure crack 
opening over time, as shown in Figure 6. Four accelerometers have been installed on the 
vaults to measure the vibration of the structure under traffic loading. The figure also 
shows output from two temperature sensors installed on each of the vaults and the 
tiltmeter sensors installed on the walls of the third floor.  

 

FIGURE 6 Location of crack sensors and tiltmeters on the vaults and top floor walls  

For continuous monitoring of the structural performance, sensor data is recorded 
and transferred day by day to the central computer for further evaluations including daily, 
weekly and monthly analysis. Figure 7 shows typical data for the crack sensor #3. Data 
were recorded on April 28, 2009 at four different times, namely 11am, 2:30pm, 7pm and 
11pm. Sensor readings showed insignificant change during the day. The average sensor 
readings were 228, 220, 209 and 203 micrometer. The maximum change in the sensor 
average readouts was about 25 micrometer. It should be noted that the average daily 
change for other crack sensors readings was about 40 micrometer. 
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For the weekly analysis of the sensor readings, data recorded on four consecutive 
days starting from Monday, April 27, 2009 and ending on Thursday, April 30, 2009 are 
presented for crack sensor #3. Sensor reading for Saturday, May 02 is also included in 
figure 8. Data were recorded between 6-8 pm. The average readings were approximately 
221, 210, 210, 223, and 237 micrometer. The maximum difference between readings was 
about 27 micrometer. The average weekly readings change for other crack sensors was 
about 50 micrometer.  

 

FIGURE 7 Crack opening recorded by crack sensor #3 during a day 

 

FIGURE 8 Crack opening recorded by crack sensor #3 during a week 
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Monthly analysis of sensor readings was performed on the data recorded during 
March 2009 to March 2010. For a few number of sensors such as crack sensor # 11, 
sensors readings were not available until July, 2009. For these sensors, the average sensor 
readings on July 27, 2009 was offset to zero and considered as a reference reading. 
However, for the rest of sensors data presented here, the average sensor reading on March 
09, 2009 was considered as a reference point. In the following section, representative data 
recorded by fiber optic sensors mounted on different locations of the structure are 
presented in four categories. First, sensor readings from crack sensor #11 as well as 
temperature sensor # 5 located on the east vault crest are presented. Then, data recorded 
by crack sensor # 3 and temperature sensor # 1 are plotted as representative readings from 
sensors mounted on the west vault. Readings from tiltmeters # 2, # 5 and #8 are presented 
in the next section and finally data recorded by displacement sensors # 1, #2 and #5 are 
plotted. It should be mentioned that accelerometers mounted on the vaults and basement 
of the structure show negligible activities. 

Typical recorded data for crack sensor #11 is presented in figure 9. The maximum 
average reading is about 800 micrometer recorded on March 10, 2010 meaning that the 
crack width has been increased about 0.8 mm from July 2009. 

 

FIGURE 9 Crack opening recorded by crack sensor #11  

Figure 10 shows the temperature fluctuations recorded by temperature sensor # 5 
located on the east vault of the structure close to crack sensor # 11. Data from the 
temperature sensors are used for monitoring the temperature fluctuations as well as 
temperature compensation procedure. As can be concluded from figures 9 and 10, the 
crack width was increasing as the temperature was decreasing from July 2009 to March 
2010. 
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FIGURE 10 Temperature changes recorded by temperature sensor #5 

 

FIGURE 11 Crack opening recorded by crack sensor #3  

Typical recorded data for crack sensor #3,located on the west vault, is presented in 
figure 11. The maximum average crack opening was 1135 micrometer on August 2009. 
Readings from crack sensors #1, #2 and #4 show the same trend as readings from crack 
sensor #3 with less amplitude.  

Figure 12 shows the data recorded by temperature sensor # 1 located on the west 
vault. Comparing figures 11 and 12, one can conclude that both crack sensor and 
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temperature sensor readings follow the same trend. It also shows that the part of the crack 
opening and closing might be due to the temperature gradient within the structure. 
Concluding from data recorded by crack sensor #3 and # 11, readings from the crack on 
the west vault is following the same trend as temperature while those from crack on the 
east vault is showing the reverse behavior.    

 

FIGURE 12 Temperature changes recorded by temperature sensor #1 

 

FIGURE 13 Wall tilting recorded by tiltmeters  
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Figure 13 shows data recorded for tiltmeter sensor #5, #8 and #2. The maximum 
average wall tilting recorded by tiltmeter #5 is about 0.4 degree. As can be seen in figure 
6, this tiltmeter has been mounted in the middle of the interior wall of the third floor. This 
tiltmeter shows more activities than other tiltmeters mounted on the east or west wall of 
the structure. Titlmeter # 8, located on the basement wall, shows negligible change during 
the data recording cycle. As expected, tiltmeter # 2 mounted on the west wall also shows 
small activity confirming that the west wall has been constrained against lateral 
movements.   

Figure 14 shows data recorded by some displacement sensors mounted in different 
floors of the structure. Displacement sensor # 1 and #5 show the maximum average 
reading of about 6000 micrometer compression meaning that the floors are pushing to the 
walls. The slab system of the structure includes several girders seated on the small 
supports inside the walls.  

 

FIGURE 14 Floor displacement recorded by displacement sensors   

Assuming that the walls have been constrained laterally, this movement can be 
related to thermal expansion of the slab, movement of supports underneath the slab 
girders or gradually increasing corrosion of the girder’s web near supports which have 
been observed in several locations.  

Generally speaking, crack sensors located on the middle of the vaults show more 
activity in comparison to those mounted close to the ends. This might be due to vertical 
cracks along the height of the middle wall which separate the central part of the structure 
from the ends. Also, the spandrel walls at both ends of the vaults prevent end cracks to 
open as much as middle cracks. Consequently, the central part of the middle wall where 
tiltmeter # 5, crack sensors #3 and crack sensor #11 have been located shows more 
activities in terms of crack opening and wall tilting. This is also in good agreement with 
low-amplitude readings recorded by titlmeter # 4 mounted near the end of the middle 
wall. However, as the middle wall has been constrained by the floor slabs in the second, 
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first and basement, tiltmeters # 6, # 7 and # 8 show less-amplitude readings than tiltmeter 
#5.      

Part of the crack opening and closing might be due to temperature change within 
the structure. The crack sensor readings of the west vault show the same trend as readings 
from the temperature sensor while readings from the east vault show reverse behavior. 
Tiltmeters located on the west and east wall of the structure show small activities as these 
walls have been constrained by heavy structures around them. Displacement sensors 
attached to the floors and walls of the structure show considerable floor movements 
during the year. This movement might be due to thermal expansion of the floor slab, 
movement of the girders supports or gradually increasing damage at the girders web due 
to corrosion.       

CONCLUSIONS  

The monitoring of the brick masonry vaults by fiber optic sensors reported herein 
has so far yielded several noteworthy observations. 
1. The on-line monitoring can be conducted by a cellular broadband modem, 

however reception, particularly in a dense urban area and inside massive 
structures, can be unreliable unless enhanced by some method. 

2. The FBG technology provides excellent accuracy and rugged sensors suitable for 
masonry monitoring. 

3. Due to longitudinal cracks along the height of the middle wall and constraining 
effects of the spandrel wall, central part of the middle wall shows more activities 
in terms of crack opening and wall tilting. This is verified by readings from crack 
sensor #3, # 11 and tiltmeter #5 located in this area of the structure. Crack sensors 
located near the end of the vaults show low-amplitude readings as well as tiltmeter 
# 4 mounted on the middle wall close to the spandrel wall. 

4. The preceding visual inspections had correctly determined that crack movement 
can possibly be attributed to thermal expansion and contraction. Sensors mounted 
on the middle of both east and west vaults show significant change which part of it 
is due to temperature gradient within the structure. The crack sensor readings from 
the west vault follow the same trend as temperature readings while those from east 
vault show reverse behavior. 

5. Tiltmeters mounted on the east and west walls show low-amplitude readings 
confirming the lateral fixity of the structure. Middle wall has been also constrained 
in different floors with the exception of the third floor wall where tiltmeter #5 
shows some activities. 

6. Displacement sensors located on first and second floors show considerable 
movements toward the walls. This is due to thermal expansion/contraction of the 
floor system, movement of the girders supports or gradually increasing damage at 
the girders web due to corrosion.  

7. The monitoring has been planned to be accompanied by a thorough structural 
analysis, laboratory tests to evaluate the safety of the structure and a plan of action 
in the event of unexpected structural behavior. 
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